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This paper presents results from a 9-month experimental study to
evaluate the durability of E-glass/vinylester reinforcement used by
the U.S. Navy in the construction of the MRI Pier in San Diego,
Calif. A total of 36 specimens were tested. These were split into
four groups of 9 specimens each that were exposed to simulated
pore solution (SPS) with a pH ranging between 13.35 to 13.5 for
periods of 1, 3, 6, and 9 months. Of the nine specimens in each
group, a third were unstressed, a third stressed to 10%, while the
remaining third were stressed to either 15 or 25% of their ultimate
short-term tensile strength. At the end of the designated exposure
periods, surviving specimens were tested to failure to determine
their residual tensile strength.

The results showed that the E-glass/vinylester bars tested had
very limited durability in this environment, especially at stress levels
of 15% or higher. All six specimens stressed to 25% failed within
25 days of exposure. Five of six specimens stressed to 15% failed
within 180 days. Specimens stressed to 10% lost 70% of their
original strength after 9 months of exposure. Even unstressed
specimens lost 63% of their original strength after 9 months,
indicating that diffusion of the alkaline solution through the resin
matrix was largely responsible for their degradation. The faster dete-
rioration of the stressed specimens indicated that resin cracking also
played a significant role in the degradation.

Prediction of remaining life for the test specimens based on a
Fickian (diffusion) model was between 1.6 to 4.6 years (unstressed)
and between 0.5 to 1.7 years for the specimens stressed to 10%.
Overall, the results confirm the unsuitability of first-generation
glass fiber-reinforced polymer bars as structural reinforcement
in concrete members.

Keywords: alkali; concrete; durability; polymer; reinforcement.

INTRODUCTION
The U.S. Navy used E-glass/vinylester reinforcing bars in

the construction of the MRI Pier, San Diego, Calif., in 1993.
Glass fiber-reinforced polymer (GFRP) bars ranging in size
from No. 3 to No. 5 bars were used as the main reinforce-
ment for pile caps and the concrete deck.

A legitimate concern regarding the use of GFRP reinforcing
bars in concrete is their long-term durability. This arises
because of glass fibers’ well-known vulnerability in alkalis.1

Because the resin matrix protects glass fibers from direct
contact in the GFRP composite, this vulnerability is believed
to be reduced. However, reliable data substantiating this was
unavailable at that time. Given the uncertainty, the U.S.
Navy arbitrarily limited stresses to 10% of the maximum
short-term tensile strength.2

This paper summarizes the results of a 9-month experi-
mental investigation to evaluate the validity of this limit. In
the tests, E-glass/vinylester reinforcing bars identical to
those used in the construction of the MRI Pier were exposed
to simulated pore solution. The study was completed in 1996
and additional information may be found in the final report.3

BACKGROUND
Silica constitutes 55% of E-glass fibers.4 In alkalis, silica

reacts chemically with the hydroxyl ions that dissolve its basic
silicon-oxygen-silicon structure as

–Si – O – Si – + OH– → –Si – OH + SiO– (in solution) (1)

This dissolution of silica results in rapid and severe strength loss.
Because concrete has billions of microscopic voids dis-

tributed throughout its mass, for example, due to the use of
air-entraining admixtures to improve freezing-and-thawing
resistance and other factors, any capillary water present in
these voids due to exposure to wet/dry conditions has a pH
value ranging from 12.5 to 13.5. This represents a caustic or
highly alkaline solution.5 If this alkaline solution can cross
the resin barrier, the durability of the GFRP composite will
be in jeopardy.

Two mechanisms that allow passage of the alkaline pore
solution in concrete to attack glass fibers in GFRP compos-
ites are (a) resin cracking under load, and (b) diffusion
through the resin. Tests on E-glass/polyester pultruded rods
conducted by Canadian researchers6 indicate that even at
stress levels as low as 10% of the ultimate short-term tensile
strength of GFRP, the resin matrix can crack at locations
where the fibers are not aligned. Misalignment may occur
during fabrication and may also be present due to the use of
helical wrap for improving bond with concrete. Diffusion is
always present and was identified as the mechanism by
which alkaline pore solution attacked S-2 glass fibers.7

OBJECTIVES
The primary aims of the study were:

• to determine the performance of the E-glass/vinylester
reinforcing bars in simulated concrete pore solution at
the arbitrarily imposed 10% stress level;

• to assess whether the 10% stress limit was unduly con-
servative or if it could be increased; and

• to quantify durability in terms of residual strength
following exposure in simulated concrete pore solution.

RESEARCH SIGNIFICANCE
Information on the laboratory performance of GFRP used

in a demonstration project is important for future calibration.
Many innovative features developed in the exposure setup
and the testing are presented. Data on the performance of
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GFRP bars subjected to high pH levels at different stress
levels is useful for evaluation of structures constructed using
this material.

EXPERIMENTAL PROGRAM
The aim of the durability study was to evaluate the appro-

priateness of the 10% stress limit for the E-glass/vinylester
bar used in the construction of the MRI Pier, San Diego, Calif.
In view of this, test specimens were investigated at stress levels
both above and below this 10% limit to allow for possible
increases (or decreases) in the allowable stress.

Four series of tests were carried out in which specimens
were tested to determine residual strength after exposure
periods of 1, 3, 6, and 9 months. In each series, a total of nine
specimens was tested—three each at stress levels of 0, 10,
and 25%. The upper limit was later reduced to 15% for the
6- and 9-month series—possible because these tests com-
menced only after the 1- and 3-month series had been con-
cluded. In all, a total of 36 specimens was tested.

Specimen details
Thirty 3.05 m (10 ft) long No. 3 E-glass/vinylester bars

were used in the experimental investigation. Because each
test specimen was approximately 1.12 m (44 in.) long, each
reinforcing bar provided two specimens and a remnant that
was approximately 0.81 m (32 in.) in length. The two specimens
were identified by the reinforcing bar number from which it
was cut followed by the letter (a) or (b); for example, Spec-
imen 21(b) indicated it was the second bar cut from the rein-
forcing bar labeled as No. 21. The remnant was similarly
identified by the reinforcing bar number followed by the
letter (c); for example, 10(c) is the remnant from reinforcing
bar No. 10. The remnants were used to evaluate the short-
term mechanical properties, that is, tensile strength and elastic
modulus as summarized in Table 1.

University of South Florida (USF) anchor
A resin sleeve-type anchor using a steel pipe and a low

viscosity epoxy was developed for this study (Fig. 1). This
used readily available, inexpensive pipes used in plumbing.
The resin used was a high-modulus, low-viscosity epoxy. A
polyvinyl chloride (PVC) plug was used to seal the open end.

Three sizes: 0.5, 0.75, and 1.0 in. (12.7, 19.05, and 25.4 mm)
diameter, respectively, galvanized steel nipples were
evaluated. The length of the anchor was based on the typical
dimension of commercially available pipe. Couplers
were provided at each end to extend its length. The
threaded inside provided greater contact area with the epoxy
and improved performance.

The 0.75 in. (19.05 mm) diameter pipe was selected based
on the 0.1875 in. (4.7625 mm) clearance on each side between

the reinforcing bar and the pipe. The 0.5 in. (12.7 mm) diameter
pipe was found to be too narrow. The 1.0 in. (25.4 mm)
diameter pipe, although successfully tested, was discarded
because of its extra cost and also concerns of possible shrinkage
separation between the epoxy and the pipe wall.

Exposure setup
The exposure setup was designed so that it met three key

requirements: 1) the method for monitoring and controlling
load levels in each specimen was simple; 2) the procedure
for determining residual tensile strength was in-built; and 3)
it had the facility to circulate (and replace, if necessary) the
simulated pore solution (SPS). More importantly, the system
devised had to be very inexpensive because of the limited
funding available.

A self-straining, portable setup was developed. Its essential
components are shown in Fig. 2. A 1.12 m (44 in.) long
E-glass/vinylester No. 3 bar provided with a permanent USF
anchor at one end was inserted through openings in two

ACI member Rajan Sen is the Samuel and Julia Flom Professor in the Department of
Civil and Environmental Engineering at the University of South Florida, Tampa, Fla.
He is a member of ACI Committees 215, Fatigue of Concrete; 440, Fiber Reinforced
Polymer Reinforcement; and 444, Experimental Analysis for Concrete Structures. His
research interests include masonry, prestressed concrete, steel, and the application of
advanced composite materials.

Gray Mullins is an assistant professor in the Department of Civil and Environmental
Engineering at the University of South Florida. He received his BSCE, MSCE, and
PhD from the University of South Florida. His research interests include full-scale
instrumentation and testing in geotechnical structures and the application of
advanced composite materials. 

Tom Salem received his BSCE and MSCE from the University of South Florida.

 

Table 1—Average properties of No. 3 E-glass/
vinylester bars tested

Properties U.S. units SI units

Effective area* 0.078 in.2 50.3 mm2

Ultimate load 9260 lb 41.1 kN

Failure stress 119 ksi 821 MPa

Tensile modulus 6440 ksi 44.4 GPa

Failure strain, % 1.84 1.84
*Manufacturer’s data.

Fig. 1—USF anchor assembly.

Fig. 2—Assembly of exposure unit (left); assembled unit
with stress GFRP bar (right).
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channel sections, a load cell, spacer plates, and a steel pipe.
A second anchor was subsequently provided at the free end. 

The threaded rods were bolted to the channel sections and
were tightened against the steel pipe to provide the required
preload. The force in the GFRP bar was measured by a load
cell sandwiched between the lower channel section and the
steel pipe. Removal of the threaded rod released the preload
and also freed up space that was utilized by a prestressing
jack to determine the residual tensile strength (Fig. 3). The
pipe was used as a receptacle for the simulated concrete pore
solution (SPS) but also served as part of the reaction frame
in resisting the force applied by the prestressing jack.

As the pipe housed the SPS, its bottom was sealed to prevent
leakage. Two sets of holes were drilled 200 mm (8 in.) apart
along the sides of the steel pipe to serve as an inlet and an outlet
to facilitate circulation and replacement of the pore solution.
This meant that in the absence of wicking, failure of the GFRP
bar would be confined to this 200 mm (8 in.) region. 

A total of 18 units were built. As there were 36 specimens,
this required the tests to be carried out in sequence. Thus, the
6- and 9-month exposure series commenced after the 1- and
3-month series had been concluded. The 18 units were
placed vertically in a rack shown in Fig. 4. Plastic tubing
connected the 18 pipes to each other and to a pump that con-
stantly circulated the SPS. As a result, all specimens were
exposed to the same solution. The top plastic tube connecting
all 18 specimens fed into an upright cylindrical plastic container
with a screw-on lid. This was used for daily monitoring of the
pH of the circulating solution. 

A plexiglass tank was provided below the specimens to
capture any SPS that spilled over when the specimens failed
or had to be removed for testing. Special solid piping of the
same diameter was used to seal the pipes in this case. Thus,
the system was flexible enough to permit draining or replacing
the SPS as needed. 

Considerable attention was paid to the pH of the SPS used.
Several alternative pore solutions proposed in the literature
were reviewed. In the end, an SPS developed by Sagüés8 was
selected because of its high pH. This solution consisted of
8.33 g of sodium hydroxide, 23.3 g of potassium hydroxide,
and 10 g of calcium hydroxide (saturated) in 1 L of distilled
water. The pH was monitored daily and average measured
values were 13.55, 13.52, 13.35, and 13.41 for the 1-, 3-, 6-,
and 9-month studies, respectively. It is important to note that
a pH of 13.5 is five times (10 0.7 = 5) higher than the final pH
of 12.8 used to test newer GFRP bars.9

The applied load was monitored daily throughout the
study. A wrench was used to make appropriate adjustments
so that constant loads were maintained. The 18 load cells
from the specimens were hooked to a strain indicator box
through two switch-and-balance units. The channel sections
were color-coded for convenience to identify the three different
stress levels investigated. Blue corresponded to the lowest
limit (0%) and red to the highest limit (25%—later reduced
to 15%). Green was used for the intermediate stress limit of 10%. 

Residual tensile strength
Following completion of the predesignated periods of 1, 3,

6, or 9 months, specimens were removed from the exposure
setup for residual tensile strength testing. Because a maximum
of nine of the 18 specimens was removed, it was important
that the circulating SPS solution was not drained. For this
reason, as the specimens were individually detached from
the plastic tubing (Fig. 4), the free ends were replaced by
identical solid sections that sealed the openings.

The pre-existing tensile force was released by loosening
and removing the threaded rods completely. The resulting
space was taken up by a twin-cylinder, 20-ton prestressing
jack. Tension force was applied by jacking against the pipe
(Fig. 3). The applied load was increased at an approximately
constant stress rate of 175 MPa/min. The same load cell
that monitored the load during exposure was hooked to a strain
indicator box to provide the failure load. Following completion
of the testing, the load cells were recalibrated against a
computer-controlled material testing machine. These results
confirmed the accuracy of the strain indicator box readings.

RESULTS
One-month exposure

Table 2 summarizes the test results. The 9 specimens tested
were 1(a) to 3(a), all unstressed; 7(a) to 9(a), all stressed to
10%; and 13(a) to 15(a), all stressed to 25%. Only the unstressed
specimens and those stressed to 10% of their ultimate short-
term tensile strength survived the exposure period. All three
specimens stressed to 25% ruptured within 25 days of exposure
(Fig. 5). The earliest specimen to fail (15(a)) failed after 15
days; the last to fail (14(a)) failed at 25 days. The average
time-to-failure of all three specimens was only 19 days. All
failures occurred within the part of the specimen constantly
exposed to the alkaline solution, indicating that alkali attack
of the glass fibers was primarily responsible for the failure.
The six surviving specimens, that is, the unstressed specimens
and the ones stressed to 10% of their short-term tensile
strength, were tested to failure to determine their residual
strength as described previously. The results of these tests
indicated very substantial strength losses that averaged from
50% for the three unstressed specimens (Specimens 1(a) to
3(a)), to 60% for those stressed to 10% (Specimens 7(a) to 9(a)).

The reduction in capacity of the unstressed specimens
clearly indicated that diffusion of the hydroxyl ion through

Fig. 3—Residual strength test setup.

Fig. 4—Durability setup.
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the vinylester resin was primarily responsible for the degra-
dation of the E-glass/vinylester bars. The greater reduction
in load capacity of the stressed bars is indicative of the added
contribution due to resin cracking.

Since the applied load was 10 and 25% of the short-term
tensile strength, the strain in the E-glass/vinylester bars varied
between 0.18 to 0.45% obtained from values for effective
area and tensile modulus in Table 1. The results indicate that
even at such low strains resin can crack, possibly because of
misalignment of fibers.

Three-month exposure
Table 3 summarizes the test results for this series. The nine

specimens tested were 4(a) to 6(a), all unstressed; 10(a) to
12(a), all stressed to 10%; and 16(a) to18(a), all stressed to
25%. As for the 1-month series, all unstressed specimens and
those stressed to 10% survived the exposure period, whereas
all the specimens stressed to 25% failed within 20 days of
exposure—Specimen 17(a) was the first to fail after 14 days.
As before, all failures occurred within the part of the bar that
was constantly exposed to the alkali solution, indicating that
failure was due to alkali attack.

The six surviving specimens were tested in the manner de-
scribed previously to determine their residual strength. The re-
sults of these tests indicated strength losses averaging 63% for
the three unstressed specimens, and 72% for those stressed to
10% of their short-term tensile strength. As stated in the pre-
vious section, this difference is indicative of resin cracking in
the stressed specimens that provided an additional pathway for
the hydroxyl ion to attack the E-glass fibers. The overall re-
duction in capacity after two additional months of exposure,

however, was relatively modest—13% for the unstressed
specimens, and 12% for the specimens stressed to 10%.

Six-month exposure
Table 4 summarizes the test results for specimens tested in

this series. Because all six specimens loaded to 25% of their
short-term tensile strength failed within 25 days in the two
earlier series, the maximum load was reduced to15% for the
remaining series. The nine specimens tested in this series
were 4(b) to 6(b), all unstressed; 25(b) to 27(b), all stressed
to 10%; and 28(b) to 30(b), all stressed to 15%. As in the two
previous series, all unstressed and specimens stressed to 10%
of their short-term tensile strength survived the exposure
period. Of the three specimens stressed to 15%, only one
survived. The remaining two failed within 173 days of exposure,
with 28(b) being the first to fail after 108 days. As with
previous failures, they occurred within the part of the specimen
constantly exposed to the alkali solution, confirming the
vulnerability of glass fibers in this environment.

The seven surviving specimens were tested to determine
their residual strength. The results of these tests indicated
strength losses that averaged 64% for the three unstressed
specimens, and 69% for those stressed to 10% of their
short-term tensile strength. The relatively small difference
suggests that resin cracking plays a limited role, especially
at low strain levels.

Nine-month exposure
Table 5 summarizes the test results the nine specimen tested

in this series. These were 1(b) to3(b), all unstressed; 19(a) to
21(a), all stressed to 10%; and 22(a) to 24(a), all stressed to

Table 2—Percent strength reduction with exposure
(1 month)

Specimen
no. Load, %

Time to
failure,

days

Residual
strength Strength reduction, %

kN lb Nominal Average

1(a) 0 — 23.6 5310 41 50

2(a) 0 — 19.3 4315 52 50

3(a) 0 — 16.9 3807 58 50

7(a) 10 — 17.9 4006 56 60

8(a) 10 — 12.1 2724 70 60

9(a) 10 — 18.4 4130 55 60

13(a) 25 17 — — 100 100

14(a) 25 25 — — 100 100

15(a) 25 15 — — 100 100

Table 3—Percent strength reduction with exposure
(3 months)

Specimen
no. Load, %

Time to
failure,

days

Residual
strength Strength reduction, %

kN lb Nominal Average

4(a) 0 — 15.5 3474 61 63

5(a) 0 — 14.1 3160 65 63

6(a) 0 — 14.6 3280 63 63

10(a) 10 — 10.7 2407 73 72

11(a) 10 — 10.6 2380 73 72

12(a) 10 — 11.5 2589 71 72

16(a) 25 20 — — 100 100

17(a) 25 14 — — 100 100

18(a) 25 19 — — 100 100

Table 4—Percent strength reduction with exposure
(6 months)

Specimen
no. Load, %

Time to
failure,

days

Residual
strength Strength reduction, %

kN lb Nominal Average

4(b) 0 — 17.5 3874 57 64

5(b) 0 — 12.7 2895 68 64

6(b) 0 — 13.5 3080 66 64

25(b) 10 — 13.7 3254 64 69

26(b) 10 — 10.6 2391 73 69

27(b) 10 — 13.1 2779 69 69

28(b) 15 108 — — 100 92

29(b) 15 173 — — 100 92

30(b) 15 — 10.1 2240 75 92

Table 5—Percent strength reduction with exposure
(9 months)

Specimen
no. Load, %

Time to
failure,

days

Residual
strength, Strength reduction, %

kN lb Nominal Average

1(b) 0 — — 4314 52 63

2(b) 0 — — 2396 74 63

3(b) 0 — — 3216 64 63

19(a) 10 — — 3673 59 70

20(a) 10 — — 1788 80 70

21(a) 10 — — 2507 72 70

22(a) 15 42 — — 100 100

23(a) 15 80 — — 100 100

24(a) 15 100 — — 100 100
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15%. As in all the preceding series, the unstressed specimens,
and those stressed to 10% of their short-term tensile strength,
survived the exposure period. All three specimens stressed to
15% of their short-term tensile strength failed, however,
within 100 days of exposure, with 22(a) being the first to fail
after 42 days. This contrasts with similarly loaded specimens
in the previous series where specimens lasted much longer
and one survived 180 days of exposure. As before, all failures
occurred within the part of the specimen that was constantly
exposed to the alkali solution.

The six surviving specimens were tested in the manner
described previously to determine their residual strength.
The results of these tests indicated strength reductions aver-
aged 63% for the three unstressed specimens, and 70% for
those stressed to 10%. These results confirm the trend ob-
served in the previous series where the rate of reduction in
strength dropped off with time for specimens stressed to rel-
atively low levels.

RESIDUAL LIFE PREDICTION
Katsuki and Uomoto10 have proposed a simplified proce-

dure to predict the deterioration of GFRP rods immersed in
alkali solution that is based on Fick’s First Law of Diffusion.
The model allows the residual tensile stress σt, to be predicted
from four parameters: a) diffusion coefficient k (mm2/h); b) the
alkaline concentration C (mol/L); c) exposure time t in hours;
and d) initial conditions, that is, radius, R0, and initial tensile
strength σ0.

To utilize this model, experimental results of strength
reduction over a given time frame were used to evaluate an
average diffusion coefficient. This value was then used to
predict the strength retained after different exposure times,
that is, the 3-month diffusion coefficient was used for pre-
dicting strength retained after 6 months’ exposure. In the
case of stressed specimens, the predicted life was obtained
by setting the strength retained to just below that needed to
sustain the applied stress.

The results from the 1-month study were used to predict
the residual strength after 3, 6, and 9 months, and also the
remaining life. Similar calculations were carried out using
results from the 3-, 6-, and 9-month series.

The results obtained are summarized in Table 6. This table
also lists the calculated diffusion coefficients for each of the
cases. Because strength reductions in the unstressed bars
were smaller, the calculated average diffusion coefficients
were also smaller.

Inspection of Table 6 shows that the use of results from the
1-month study for predicting the remaining life of both
stressed and unstressed bars is unduly pessimistic, that is,
failure is predicted much earlier. This is probably because
resin cracking leads to a higher average initial diffusion value.
The agreement gets better where results of later tests—for
example, those done at 3 months—are used.

Because the model was calibrated for unstressed bars,
predictions for these bars is of particular interest.The
agreement is fair, however, except for predictions using the
6-month diffusion coefficient where the predicted reduction
of 74% compares very favorably with the observed reduction
of 70% after 9 months of exposure.

The predicted remaining life for the unstressed specimens
ranges from 1.6 to 4.6 years. For the specimen stressed to
10%, it ranges from 0.5 to 1.7 years. The lower limit is based
on results from the 3-month tests and the upper limit from the
results of the 9-month tests. These predictions, of course,

Table 6—Strength reduction prediction10

Test series Load, %

Diffusion
coefficient k

Three month
percent reduction

Six month
percent reduction

Nine month
percent reduction

Predicted
life, yearsmm2/h Experimental Theoretical Experimental Theoretical Experimental Theoretical

One month

0 1.80E-3 63 75 64 91 63 — —

10 2.80E-3 60 87 69 99 70 — —

25 34.7E-3 100 — — — — — —

Three months

0 1.06E-3 — — 69 80 70 89 1.60

10 1.54E-3 — — 69 88 70 96 0.50

25 34.0E-3 100 — 100 — — — —

Six months

0 0.55E-3 — — — — 70 74 2.36

10 0.73E-3 — — — — 70 80 1.17

15 3.04E-3 — — 92 — — — —

Nine months

0 0.320E-3 — — — — — — 4.60

10 0.38E-3 — — — — — — 1.70

15 7.07E-3 — — — — 100 — —

Fig. 5—Failed GFRP bar.
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relate to the experimental conditions where the pH concen-
tration remains the same throughout this time frame.

DISCUSSION
The aim of this investigation was to assess the durability

of the E-glass/vinylester bars used in the construction of the

MRI Pier, San Diego, Calif., at a sustained stress of 10% of
its short-term tensile strength. In the study, an accelerated
test was carried out in which these reinforcing bars were
exposed to a highly alkaline solution that served to simulate
concrete pore solution.

The results from the study convincingly demonstrate the
lack of durability of the E-glass/vinylester bars tested. All
specimens stressed to 25% failed within 25 days of exposure
(Table 2). Five of the six specimens stressed to 15% failed
within 180 days, and only one survived (Table 4 and 5). Only
the unstressed specimens and the ones stressed to 10%
survived the entire duration of the study. Even these specimens
sustained substantial strength reductions. For unstressed
specimens exposed for 9 months, the reduction averaged
63%, while for those stressed to 10%, the reduction was 70%.

Confirmation of alkali attack may be found from the
scanning electron micrographs taken from the as-received
specimen (Fig. 6) and from the failed sections of some of
the exposed specimens (Fig. 7 to 9). For unstressed specimens,
the process of dissolution may be seen in Fig. 7.

For specimens stressed to greater levels, missing cross
sections, indicative of fibers that have dissolved, may be
seen in Fig. 8 and 9 (the sharp edges of the surviving fibers
in this plate are probably the result of cuts made to obtain a

Fig. 7—Unstressed after 30 days.

Fig. 6—As-received micrograph.

Fig. 8—25% stress after 30 days.

Fig. 9—10% stress after 3 months.

Fig. 10—Longitudinal failed section, 25% load.
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sample and should be disregarded). The degradation can also
be seen in the longitudinal section shown in Fig. 10.

The reduction in strength of the unstressed specimens
shows that the alkali solution could readily diffuse through
the vinylester resin that was used in the pultrusion process.
The greater reduction in stressed specimens compared to the
unstressed ones is indicative of the role played by resin
cracking that provides a passage for additional hydroxyl ions
from the alkali solution to attack the E-glass fibers. For
specimens stressed to 10%, however, cracking is relatively
minor given the small difference in residual strength compared
with the unstressed specimens. Clearly, cracking plays a
much more significant role for specimens stressed to higher
limits, that is, 25% where failure occurred within 25 days,
or 15% where failure occurred in five of six specimens
within 180 days.

The results relate, of course, to the durability of the E-glass/
vinylester bars tested in simulated pore solution. While this does
not replicate the conditions the E-glass/vinylester reinforcing
bars are exposed to in hardened concrete, they do, however,
indicate extremely poor durability. In view of this, the
bars tested are considered unsuitable for applications involving
fresh concrete where diffusion is likely to be prevalent.

CONCLUSIONS
This study presents results from a focused experimental

investigation that evaluated the durability of E-glass/vinylester
bars in an alkaline environment. The specimens tested were
identical to those used in the construction of the MRI Pier,
San Diego, Calif. Four stress levels: 0, 10, 15, and 25% of the
ultimate short-term tensile strength were investigated. The
pH of the simulated concrete pore solution varied between
13.35 to 13.5 over the duration of the study.

The following conclusions may be drawn:
1. The USF anchor (Fig. 1) provides a very reliable and

inexpensive method of gripping the ends of GFRP polymer
bars;

2. The exposure setup developed was quite versatile—it
successfully allowed maintenance of the stresses in the
GFRP bars, the pH level of the simulated pore solution, and
permitted determination of the ultimate residual strength
(Fig. 2 to 4);

3. The E-glass/vinylester bars tested showed limited dura-
bility in simulated concrete pore solution at stress limits
above 15% of its short-term tensile strength. All six bars
stressed to 25% failed within 25 days of exposure. Of the six
bars stressed to 15%, five failed within 180 days. Unstressed
specimens, and those stressed to 10% of the ultimate short-
term tensile strength, survived the entire 9-month exposure
duration. However, the specimens lost strengths ranging
from 63% (unstressed) to 70% (10%) of their original
strength. The loss in strength of the unstressed specimens
indicates that diffusion of the simulated concrete pore solution
through the vinylester resin was primarily responsible for the
alkali attack of the glass fibers. The difference in the durability
of stressed and unstressed specimens indicates that resin

cracking played an important role in the degradation process,
particularly at higher stress levels;

4. The predicted life of the bars stressed to 10%, based on
a model that only considers diffusion and disregards the
effect of resin cracking, is between 0.5 to1.7 years. The same
model predicted a remaining life of between 1.6 to 4.6 years
for the unstressed bars (Table 6); and

5. Given the experimental findings, the U.S. Navy’s decision
to select a 10% limit in a demonstration structure appears to be
a judicious one, especially if conditions in the hardened con-
crete are less severe. The bar tested, however, is not durable
and should not be used to reinforce concrete.

It is important to recognize that the above conclusions are
only valid for the E-glass/vinylester bar tested. Newer GFRP
bars developed are reputed to have much better alkaline
resistance, though testing was carried out at lower pH levels,
that is, 12.89 versus the 13.35 to13.5 pH levels used in this
study. Note that a pH of 12.8 is only 20% as strong as a pH
of 13.5. Recent pH measurements11 appear to validate the
higher range used in this study because a pH of 13.5 is not
uncommon. The profession needs to pay careful attention to
the pH level specified in tests if GFRP is to be used as the
primary structural reinforcement with confidence.
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This paper presents experimental results from a study to assess the
interface bond between a cast-in-place concrete seal slab and pre-
stressed concrete piles in cofferdams. Three different seal slab
placement conditions—fresh water, salt water, and bentonite
slurry—were evaluated and the results compared against controls
where no fluid had to be displaced by the concrete. Normal pile
surfaces were investigated. Additionally, the situation of soil-caked
piles was also investigated. Both model and full-scale tests were
conducted. In the model tests, twenty-eight 15 cm square pre-
stressed sections were used with the embedment depth varied
between d and 2d, where d is the width of the pile. In the full-scale
tests, 16 specimens were tested. The prestressed piles were 36 cm
square with the embedment varied between 0.5 and 2d. Four of the
16 piles were cast with embedded gages located at the top, middle,
and bottom of the interface region. The results showed that loads
were transferred to the piles over an effective area, not the entire
embedded depth. Significant bond stresses developed even for the
worst placement condition. Recommendations are made for revis-
ing current values in specifications.

Keywords: concrete; foundation; pile; prestressed; salt water; slab.

INTRODUCTION
Seal slabs are unreinforced concrete slabs cast inside cof-

ferdams to prevent the intrusion of water and provide a dry
working surface for subsequent construction (Fig. 1). Con-
creting is typically carried out by displacing water (or natural
slurry in cases where the cofferdam supports the sides of an
excavation) using a tremie. A tremie is essentially a funnel
with a long pipe that places concrete directly on the bottom
of the cofferdam. Because the concrete does not fall through
the water, cement is not washed away and there is no segre-
gation of coarse and fine aggregates. A series of tremie pipes
is used to limit the flow of concrete in the horizontal direc-
tion to prevent the build-up of excessive laitence.1

As the function of the seal slab is primarily to provide a
dry working surface, its design is relatively unsophisticated.
The slab depth is selected so that its weight balances the
maximum uplift forces. Thus, a 10 m unbalanced head
would require a 4 m thick seal slab because concrete density
is approximately 2-1/2 times that of water. Such a calcula-
tion neglects the frictional resistance that develops at the in-
terfaces between the seal slab and foundation elements such
as piles or drilled shafts.

The Florida Department of Transportation (FDOT)
requires2 the seal slab to cure for at least 72 h before the
standing water (or slurry) inside the cofferdam can be
pumped out. At that time, the seal slab experiences full uplift
pressure due to imbalance in hydrostatic pressure inside
and outside of the cofferdam. Rational design therefore
requires information on the interface shear corresponding to
the 72 h concrete strength. Unfortunately, no published data
are available, even though the earliest work on interface

shear between two concrete surfaces was reported as early as
1914.3

In the absence of experimental data, specifications provide
interface shear values that are, by necessity, conservative.
For example, AASHTO4 states that “in seals, the bond be-
tween timber, steel, or concrete piles and surrounding con-
crete may be assumed to be 10 psi (69 kPa).” The 1998
Florida Design Guidelines5 limited the interface bond be-
tween the seal slab and concrete piles to 276 kPa, though it
was only set at 34 kPa for steel piles. The larger values per-
mitted in Florida may be due to the local experience associ-
ated with the large number of bridges crossing waterways, a
relatively high water table, and the predominance of highly
pervious cohesionless (sandy) soils that result in excavations
quickly filling with inflowing ground water.

In January 1998, the University of South Florida com-
menced a two-year research program to investigate this prob-
lem. Although the goal of the study was to evaluate bond on
the basis of full-scale tests, a one-third-scale pilot study was
initially carried out to evaluate critical parameters and to de-
velop an efficient method of testing. Following completion of
this study, a limited number of full-scale tests were conducted
to assess the interface seal slab/pile bond characteristics for
prestressed concrete and steel piles, and to recommend suit-
able values for design. This paper presents results relating to
the seal slab/concrete interface bond. A companion paper
provides the corresponding results for steel piles.6 The

Title no. 98-S72

Seal-Slab Prestressed Pile Interface Bond from 
Full-Scale Testing
by Gray Mullins, Ruben Sosa, Rajan Sen, and Moussa Issa

Fig. 1—Seal slab in cofferdam construction (Courtesy
Georgia Department of Transportation).
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complete experimental results, as well as the comparative
finite element modeling, may be found elsewhere.7, 8

RESEARCH SIGNIFICANCE
No studies have previously been carried out to evaluate the

seal slab/concrete interface bond for conditions that may be
directly used in design specifications. This study provides
the first such experimental data from full-scale tests. Results
of the study have already led to changes in the latest specifi-
cations.9 Therein, the allowable stresses are greater, permit-
ting thinner seal slabs and bringing about significant savings
in construction costs.

OBJECTIVES
The overall goal of the study was to recommend interface

bond values for seal slab and piles that could be directly used
in FDOT’s design specifications. These values were to be
based on full-scale tests on specimens prepared in accor-
dance with current FDOT specifications for commonly en-
countered conditions. Variables examined were the pile
embedment depth, pile surface, pile material (steel or con-
crete), and the type of fluid displaced by the concrete. 

EXPERIMENTAL PROGRAM
A seal slab is subject to uplift pressures that are resisted in

part by its weight and in part by shear resistance that devel-
ops at the pile/slab and sheetpile/slab interfaces, as shown in
Fig. 2(a). The same load transfer characteristics can be sim-
ulated by applying tensile loads to the pile and compressive
loads to the seal slab (Fig. 2[b]). In essence, the determina-
tion of the interface bond translated into conducting pullout
tests on individual piles embedded in the seal slab; such an
equivalent system was used in this study.

The reaction frame required to remove the piles from a
seal slab had to meet multiple requirements of capacity,
economy, and portability. An adaptable design was also re-
quired to accommodate the differing connections for the
steel and concrete pile specimens. Additionally, it needed to
be integrated with electronic devices that permitted measure-
ment of load and displacement.

A key parameter in the design of the test equipment was
capacity. An upper limit could be determined on the basis of
the ultimate tensile capacity of the prestressed pile. This de-
pended on the pile size, concrete strength, and the effective
prestress. The greater the capacity, the larger and heavier the
equipment, which made testing that much more difficult
(and expensive). 

Uncertainties associated with bond strength predictions
were addressed using a comprehensive pilot study with
small-sized piles. A scale model study was carried out to de-
velop an efficient testing method and also to identify critical

parameters for the subsequent full-scale program. Brief de-
tails from both studies, a complete set of results, and their
analysis are presented.

PILOT STUDY
The pilot study simulated three different seal slab placement

conditions involving: 1) salt water; 2) fresh water; and 3) drill-
ing fluid. Results were compared against the controls where
no fluid was displaced by the concrete. One-third scale was
selected since this allowed standard 45 cm prestressed piles
to be exactly modeled.10 Two different surface conditions—
natural and soil-caked—were investigated.

Based on results of preliminary trials, the maximum inter-
face bond between the two concrete surfaces was estimated
to be approximately 1.7 MPa. This value was used to deter-
mine the maximum embedment depth that would not cause
tension failure of the prestressed pile. As a result, three dif-
ferent embedment depths—d, 1.5d, and 2d (d is the side of
the pile)—were investigated. For each embedment depth,
two specimens were tested, that is, 24 tests were conducted
(4 conditions × 3 embedment depths × 2 specimens). In ad-
dition, four soil-caked specimens were tested—one for each
placement condition, and for an embedment depth of 2d.

A total of 28 prestressed piles were tested. Square pre-
stressed piles (1.22 m long, 15 cm wide) were fabricated at a
commercial prestressing facility. During fabrication, 3.2 cm
threaded bars were embedded centroidally in the specimens
to provide a convenient attachment for pulling the specimens
(Fig. 3 and 4). Complete details may be found in the final re-
port.7

Cofferdam simulation
Four 0.76 m high wood boxes with inside dimensions of

1.4 x 1.4 m were fabricated to simulate the four excavation
conditions. Plastic sheeting was used to make the boxes wa-
tertight. Wood templates were prepared so that the piles
could be accurately positioned inside the form. The piles
were spaced at 3 × pile size, that is, the center-to-center dis-
tance was 0.45 m (3 × 0.15). The edge distance from the cen-
ter line was 1.5d or 0.23 m.
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Fig. 2—(a) Field loading; and (b) uplift load simulation.
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As all the specimens were the same length and the seal
slab the same thickness, the three different embedment
depths of d, 1.5d, and 2d were accommodated by varying the
bonded and debonded lengths. For the 15 cm piles, this
length varied between 15 cm (d) and 30 cm (2d). All bonded
regions were at the bottom of the pile/seal slab. The debond-
ed area was achieved by using bitumen covered with felt pa-
per wrapped in duct tape (Fig. 3). A soil-caked surface was
simulated by applying (with a trowel) a paste consisting of a
viscous mixture of the clay mineral kaolinite and water. The
clay had to be kept moist to prevent it from flaking off when
it dried.

Three of the four simulated cofferdams were initially filled
with one of the following items

1. Fresh water;
2. 3% salt water; or 
3. Drilling fluid. 
The latter was made by mixing dry, high-yield bentonite

and fresh water to achieve slurry properties similar to those
in the FDOT specifications. The final density achieved was
10 kN/m3 with a pH of 8 and a viscosity of 37 s (Marsh Cone
method). The fourth cofferdam was the control and was
therefore not filled.

Seal slab placement
Class III seal concrete specified by FDOT2 was used. This

mixture has 332 kg of cement/m3, a water-cement ratio (w/c)
of 0.51, and a specified 28-day strength of 21 MPa. The con-
crete was purchased from a ready-mix plant and was pumped
through a 7.6 cm diameter hose. It was placed from the bot-
tom upwards, keeping the hose tip below the rising level of
concrete. This is similar in placement and identical in effect
to the tremie method. Figure 3 shows the fresh water coffer-
dam just after concreting with several inches of free water
still present.

Pullout frame
The frame designed for the one-third-scale pilot study is

shown in Fig. 4. It consists of two telescopic sections that re-
act against each other via a stiffened beam and a hydraulic
jack as shown. A standard nut was used to connect the free
end of the threaded rod in the prestressed pile to the base of
the tension assembly. Although Fig. 4 conceptually depicts
the device assembly, the test procedure was streamlined by
leaving it partially assembled between tests. The entire de-
vice weighed over 2.2 kN fully assembled and required an
overhead chain hoist to assemble and/or move.

Tension loads were measured using a load cell inserted be-
tween the top of the jack and the tension assembly. The stiff-
ened beam transferred the load from the base of the jack to a
built-up column section which, in turn, applied a uniform
compressive stress to the seal slab.

Leveling
As the exposed surface of the seal slab was left uneven

from the tremie placement method, a self-leveling grout pad
had to be poured around each pile before testing. To further
assist in the leveling process, a 12 mm steel bearing plate
was placed on the grout immediately afterward. Once the
grout had time to cure (approximately 15 min), the tension
assembly was connected to the pile and the compression as-
sembly supported on the bearing plate.

Instrumentation
A data acquisition system by was used for collecting and

recording the test data generated. Loads were measured us-
ing a 100 tonne load cell and movement was monitored by
two linear variable displacement transducers (LVDTs). One
of the LVDTs was magnetically attached to the compression
assembly and positioned to record displacement with respect
to an external reference beam. This registered any possible
seal slab surface crushing or settlement occurring during test-
ing. The other LVDT was attached to the tension assembly
and referenced to the top of the compression assembly. This
accounted for specimen movement, along with elastic defor-
mation of the frame which was later accounted for in the data
reduction.

Test procedure
Tests were initiated after the seal slab had been cured for

72 h. Concrete cylinders were periodically tested to monitor
changes in compressive strength during the time it took to
complete the tests. The frame was set in position and the
pullout test commenced. The tensile load was increased
slowly using a manually operated toggle switch, which inter-
mittently engaged the power to a hydraulic pump. The load
was increased slowly to reduce any possible dynamic stiff-
ening of the system. Each specimen was displaced upward at
least 2.5 cm.

Fig. 3—Pilot study simulated cofferdam.

Fig. 4—Pullout equipment in pilot tests.
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PILOT STUDY RESULTS
A summary of the test results is presented in Table 1. This

provides information from all 28 tests and contains details of
the compressive strength, the failure load and the computed
average bond stress. This was determined as the quotient of
the measured failure load and the calculated surface area of
the pile in contact with the seal slab. The following observa-
tions may be made:

1. Concrete strengths varied between 27 and 31 MPa over
the duration of testing;

2. Significant bond stresses developed; the highest value
obtained was 4.4 MPa (salt water/1.5d), and the lowest was
0.2 MPa soil-caked control. Highest values were for salt wa-
ter, followed closely by controls and fresh water;

3. Embedment depths above 1.5d led to lower average val-
ues (Table 1). This suggests that the bond stress distribution
is nonuniform and instrumentation would be required to gain
an understanding on the stress transfer;

4. Results for salt water and fresh water cofferdam condi-
tions did not differ significantly; and

5. The soil-caked condition did not affect interface bond
except in the case of controls and bentonite slurry. For the salt
water or fresh water condition, the soil caking was washed off
by the water before the installation of the seal slab.

For the larger embedment depths, the prestressed concrete
specimens cracked (Fig. 5). This suggested that depths in ex-
cess of 1.5d may be inappropriate for the full-scale tests.
Cracking of the seal slab was also observed during disman-
tling of the test setup when the sides of the simulated coffer-
dam were removed. Figure 6 shows a load-slip plot obtained
from the pilot study where the pullout capacity did not exceed
the tensile capacity. Inspection of this plot indicates that there
was continuous slip although minimal up to 50 kN (the elon-
gation of the member was very small.

FULL-SCALE STUDY
The results of the pilot study were used to develop a pro-

gram for full-scale tests. The principal changes were: 1)
elimination of the salt water condition; 2) instrumentation of
selected piles to allow evaluation of bond stress distribution
with embedment depth; and 3) restriction of the soil-caked
surface to bentonite slurry placement. In view of the very
high bond stresses that were obtained, the depth of embed-
ment was limited to 1.5d, except for bentonite, where the
maximum depth was increased to 2d. In addition, embed-
ment depths of 0.5d were investigated for the control and
fresh water placement conditions where the interface bond
was expected to be very high.

With three different placement conditions (control, fresh
water, and bentonite), two different embedment depths (d,
1.5d, or 2d) and two specimens per test, a total of 12 speci-
mens, were required. Four additional specimens were test-
ed—one each for embedment depth of 0.5d (for the control
and fresh water condition) and two for investigating the ef-
fect of soil caking for the bentonite slurry for an embedment
depth of 1d. Thus, the controls and the fresh water condition
each had five specimens, with six specimens in the bentonite
slurry condition.

The bond stresses obtained from the pilot study (Table 1)
ranged from a low of 1.1 MPa (bentonite/2d) to a high of
4.3 MPa (control/1.5d). Because of these large values, 36 cm
wide square prestressed piles were used in the full-scale tests.
The length of each specimen was limited to 1.5 m. The ends of
the strands protruding from the nonpulling end were clinched
(flattened) to provide increased anchorage. This would not be
required in practice where the pile lengths are much greater and
extend beyond the upper surface of the seal slab.

Unlike the pilot tests where a central threaded rod was in-
tegrally cast with the specimens, for the full-scale tests the
strands were directly attached to the tension frame with pre-
stressing chucks. To ensure that the piles would have a some-
what greater capacity, larger 15 mm strands were used

Table 1—Summary of pilot test results

Type Specimen
f ′c, 

MPa
Bond 
length

Pullout 
load, 
kN

Bond 
stress, 
MPa 

Average, 
MPa

Control

C22 27 1d 377 3.9
3.8

C23 27 1d 358 3.8

C24 27 1.5d 610 4.2
4.3

C25 27 1.5d 632 4.3

C26 27 2d 630 3.3
3.3

C27 27 2d 625 3.3

Salt 
water

C8 29 1d 398 4.1
4.1

C9 29 1d 378 4.1

C10 29 1.5d 631 4.4
4.2

C11 29 1.5d 591 4.1

C12 29 2d 651 3.3
3.4

C13 29 2d 689 3.6

Fresh 
water

C15 29 1d 354 3.7
4.0

C16 29 1d 417 4.3

C17 29 1.5d 620 4.3
4.1

C18 29 1.5d 573 3.9

C19 29 2d 560 2.9
3.1

C20 29 2d 622 3.2

Bentonite

C1 29 1d 141 1.5
1.5

C2 29 1d 149 1.5

C3 29 1.5d 557* 3.9
2.8

C4 29 1.5d 237 1.6

C5 29 2d 206 1.1
1.9

C6 29 2d 543* 2.8

Soil-
caked

Control 27 2d 39 0.2 —

Salt water 31 2d 521 2.7 —

Fresh 
water 31 2d 397 2.0 —

Bentonite 31 2d 49 0.3 —

*Higher values are attributed to scouring action of pumped concrete on piles closest to
inflow.

Fig. 5—Postmortem profile view of pilot study specimen
during dismantling.
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instead of the standard 12.5 mm strands, though they were
stressed to provide the same effective prestress. The eight 15
mm strands gave an ultimate pulling capacity of 260 × 8 = 2.1
MN that exceeded the expected pullout load of the pile. This
provided a margin of safety against sudden, dangerous ten-
sile failure of the strands.

A total of 18 specimens were cast at the same commercial
prestressing yard. The spacing of the specimens inside the
prestressing bed was adjusted so that each specimen had a
0.6 m length of strand projecting from the pulling end that
served as a connection point to the pullout frame. Addition-
ally, four specimens were instrumented with embedded sis-
ter bar-type strain gages to allow the distribution of bond
stresses to be assessed. Figure 7 shows three sister-bar strain
gages that consist of a resistive foil strain gage bonded to a
short length of 13 mm reinforcing bar. These were located at
the bottom, middle, and top of the bonded length of 1d (three
specimens) or 2d (one specimen) (Fig. 7). Complete fabrica-
tion details may be found in the final report.7 

Simulated cofferdam
Three cofferdams had to be constructed for the three condi-

tions investigated. The dimensions of the cofferdams were de-
termined by the number of piles and a 3d pile spacing (1.07 m)
as in the pilot study. Thus, two of the cofferdams—fresh water
and control—were identical in size, but the bentonite slurry-
filled cofferdam was larger as it had more specimens.

The cofferdams were constructed using rented steel-reinforced
plywood box forms. The forms were connected to form each
cofferdam using wedge pins provided by the manufacturer.
They were also externally braced using wooden stakes and
internally braced with a wooden template that maintained the
pile positions. Additionally, each cofferdam was lined with
0.15 mm plastic sheeting. This allowed for the forms to be
watertight, preventing the loss of any construction fluid (wa-
ter or bentonite slurry).

Specimen support
Following the construction of the cofferdam, the speci-

mens were accurately positioned on plywood pads to prevent
damage to the plastic lining. Additionally, a polystyrene seal
was placed between each concrete pile specimen and the
wooden pad to prevent possible bonding between the cast-in-

place seal concrete and the bottom of the pile. The specimens
were vertically supported by a wooden framework that was
secured to the forms (Fig. 8).

Debonded surface
As in the pilot study, differing lengths (0.5d, 1d, 1.5d and

2d) of the pile surface were bonded or debonded. Debonding
was achieved in the identical manner. The bonded concrete
surfaces were left in their natural state except for the two
specimens that were tested for the soil-caked condition. For
this case, an adhesive clay soil, typically used for clay mod-
els by artists, was used because it bonded better than the ka-
olinite paste tested in the pilot study. 

The debonded length extended from the boundary of the
bonded region to approximately 15 cm above the intended
elevation of the finished surface of the seal slab. This includ-
ed an additional 36 cm depth determined from finite element
analysis to ensure uniform distribution of compressive loads
to the seal slab (Fig. 2[b]). 

Bentonite
The bentonite slurry was made by mixing dry, high-yield

bentonite and fresh water. The mixing was accomplished
through the use of a shear pump. Enough bentonite clay was
added to achieve slurry properties similar to FDOT specifi-
cations. The final density achieved was 10.2 kN/m3 with a
viscosity of 40 s (Marsh Cone Method) and a pH of 8. Fig 8
shows the filling and completion of the bentonite slurry
filled simulated cofferdam.

Fig. 6—Load versus displacement: Specimen C1 (1d,
bentonite).

Fig. 7—Prestressing bed for casting 36 cm instrumented
piles. 

Fig. 8—Overview of cofferdam during concreting.
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Seal slab placement
Seal concrete was placed using a concrete pump truck. The

concrete was pumped through a 15 cm diameter hose. It was
placed from the bottom upward keeping the hose tip below
the rising level of concrete. This procedure is identical to the
tremie method commonly used in construction practice.

Testing apparatus
Similar considerations of capacity, economy, and portabil-

ity dictated the design of the pullout frame. This design in-
corporated an available double-acting, 3 MN hydraulic jack,
a 69 MPa hydraulic pump system, and could accommodate
connections for both concrete and steel pile types. Addition-
ally, it provided sufficient clearance for a 4 MN load cell as
well as means to record pile displacement. 

As with the pilot test, the reaction frame consisted of a ten-
sion and compression assembly. The tension assembly was
connected directly to the pile using prestress chucks and sup-
ported by the hydraulic jack and load cell. The stiffened
beam was integrated directly into the compression assembly
which applied compressive loads to the seal slab. Fully as-
sembled, the device weighed 16 kN and was placed over
each specimen with a straight mast industrial forklift (Fig.
9). Additional information on the design and fabrication may
be found elsewhere.7

Test setup
The test setup was similar to the pilot study and involved

placement of a grout layer, assembly and connection of the
hydraulic testing apparatus, attachment of the data acquisi-
tion system, and application of loading until failure. Given
the requirement that testing be completed quickly following

the 72 h cure period, appropriate adjustments were made to
expedite testing. 

Leveling grout pad
Because concrete vibration is not used in seal slab con-

struction due to possible aggregate segregation in the sub-
merged environment, various degrees of surface roughness
developed depending on the placing condition. The bento-
nite placing condition had the greatest degree of unevenness;
the control had the least. The uneven surfaces were leveled
using a thin layer of high-strength grout that was placed di-
rectly over the seal slab (Fig. 9). The grout was placed and
finished two days after the placement of the CIP seal slab.
Since the debonded portion of each pile specimen extended
well above the CIP slab, there were no difficulties with pos-
sible bonding of the grout to the piles.

Frame assembly
Although much heavier than the pilot study device, the

full-scale pullout device was easier to use in that it could be
left fully assembled between tests. This reduced the number
of heavy lifts and expedited testing.

As the entire frame was lowered over the test specimen,
the exposed prestressing strands were threaded through the
holes in the base of the tension assembly. Standard prestress-
ing chucks that incorporate wedge-type grips were secured
on each strand. A 76 mm gap was maintained between the
tension assembly and the top of the pile to permit removal of
the prestressing chucks after testing. With the chucks in
place, the frame was centered and the concrete pile tested.

Data acquisition
As with the pilot study, the data acquisition system was

used for collecting and recording the test data generated by
the pullout testing. Along with the system, a load cell and
two electronic displacement gages (LVDTs) were used to
monitor each pile specimen as it was tested. The load cell
had a capacity of 4 MN. The electronic displacement gages
had a 50 mm range. Additionally, strains were monitored in
selected piles that had been cast with embedded resistance-
type sister bar strain gages (Fig. 7). For the concrete speci-
mens, one LVDT was magnetically attached to the bottom of
the tension assembly and positioned to register displacement
with respect to an external reference beam. The other LVDT
recorded relative displacement between the tension assem-
bly and the top of the pile specimen. This accounted for any
possible slippage of the prestressing chucks.

Test procedure
Once the setup procedure was completed, the pullout testing

could be conducted. The tensile load was increased slowly
using a manually operated toggle switch which intermittently
engaged the power to the hydraulic pump. The load was
increased slowly to reduce any possible dynamic stiffening of
the system. Each specimen was displaced upward at least 25
mm to ensure that the bond interface had been displaced.

RESULTS
A summary of the test results is presented in Table 2. This

provides information from all 16 tests and contains details of
the compressive strength, failure load, and the computed
average bond stress. Inspection of Table 2 shows that the
bond stresses were quite high, ranging between 4.5 MPa for
0.5d embedment in the controls to the lowest value of 1.1

Fig. 9—Full-scale pullout device.
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MPa for one of the soil-caked bentonite specimens. Trends
observed in the pilot tests were repeated: the average bond
stresses decreased with increased embedment depth. For ex-
ample, the average bond stress reduces from 2.7 MPa to 2.0
MPa for fresh water specimens embedded 1.0d and 1.5d, re-
spectively.

Variations in concrete strength over the duration of the test
may also be noted. The lowest compressive strength was for
the bentonite series ( f ′c = 23 MPa) and the highest for the
controls (32 MPa). This was due in part to an increase in
strength over the seven-day period it took to complete the
testing. A typical load-versus-slip variation plot is shown for
each cofferdam condition in Fig. 10 to 12. As previously not-
ed, the plots show continuous displacement with increasing
load, initially elastic and then plastic. While measurements
included the effect of elongation of the 1.5 m long pre-
stressed pile, calculations show that length increases were
minimal even after the pile had cracked. Figure 10 shows no
evidence of cracking (bentonite) whereas Fig. 11 and 12 in-
dicate pile cracking at 1044 and 955 kN, respectively. The
cracking load was consistently smaller than expected due to
the shortened transfer length near the end of the pile and the
associated inability to develop effective prestress in the con-
crete. This was due to the relatively short length of the test
piles. In actual construction where longer piles are used, this
would not be the case. Additionally, variations in cracking
force in nearly identical specimens were attributed to indis-
cernible alignment errors during testing.

Strain variation
The shear stress distribution within the bonded region of the

pile was evaluated using embedded strain gages in four of the
specimens: fresh water (1); control (1); and bentonite (2). The
bond length was 1d for three of the specimens (one in each
bed) and 2d for an additional specimen in the bentonite. The
gages were located at the top, middle, and bottom of the bond-
ed region. Figure 13 shows the axial strain measured at three
points along the bond interface during testing of one instru-
mented pile specimen. Additional results may be found in the
final report.7 The strains recorded at three levels (top, middle,
and bottom of the bond interface) define two bonded layers

Table 2—Summary of full-scale test results

Type Specimen
f ′c, 

MPa
Bond 
length

Pullout 
load, 
kN

Bond 
stress, 
MPa 

Average, 
MPa

Control

C0.5 27 0.5d 1151 4.5 —

C1.0A 32 1d 1656 3.2
3.2

C1.0B 32 1d 1580 3.1

C1.5A 32 1.5d 1584 2.1
2.4

C1.5B 32 1.5d 2020 2.6

Fresh 
water

W0.5 27 0.5d 892 3.5 —

W1.0A 27 1d 1358 2.7
2.7

W1.0B 27 1d 1336 2.6

W1.5A 27 1.5d 1591 2.1
2.0

W1.5B 27 1.5d 1527 2.0

Bentonite

B1B 23 1d 1338 2.6
2.5

B1D 23 1d 1274 2.5

B2A 23 2d 1625 1.6
1.5

B2B 23 2d 1438 1.4

Bentonite 
(soil-

caked)

B1A 23 1d 931 1.8
1.5

B1c 23 1d 570 1.1

Fig. 10—Load versus displacement—Specimen B1A (1d,
bentonite, soil-caked).

Fig. 11—Load versus displacement—Specimen W1.5B
(1.5d, water).

Fig. 12—Load versus displacement—Specimen C1.0A (1d,
control).
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(upper and lower) separated by the middle gage. The differ-
ence between the top and middle gage indicates the load car-
ried by the upper layer. Likewise, the difference between the
middle and bottom gage indicates the load carried by the lower
bond layer. Inspection of this plot shows the load distribution
stayed relatively constant up to the elastic limit of the upper
bonded layer (2 MPa); at which time the load was gradually
transferred to a lower layer. The top gage reading should lin-
early relate to the load cell as there is no alternate load path be-
tween them. As expected, the gage at the bottom of the bond
area registers near zero strains as no additional capacity can be
developed below that level. The nonlinear portion of the mid-
dle gage indicates the upper layer bond failing and transferring
load to the lower layer. Sharp discontinuities are observed in
the upper gages due to sudden cracking; whereas less severe
strain changes are noticed in the middle gages as the cracked
sections reach further into the seal slab.

The load distribution as measured by the strain gages indi-
cates that the full bond length contributed to its capacity.
However, peak bond capacities occurred at different loca-
tions and times from top to bottom in that the amount of slip-
page required to develop peak shear strength is small with
respect to elastic elongation. This can also be deduced by
evaluating the average bond strengths from Table 2 with re-
spect to embedment (for example, average control values:
0.5d, 4.5 MPa; 1.0d, 3.2 MPa; and 1.5d, 2.4 MPa). As em-
bedment decreases, bond strength approaches an upper limit
proportional to the concrete strength as shown in Fig. 14.

Fig. 13—Change in strain with respect to load for Specimen
C1.0A (control, 1d embedment).

Fig. 14—Average bond stress variation with embedment
from full-scale testing.

Fig. 15—Pile cracks during loading.

Fig. 16—Seal slab cracks during testing.

Table 3—Allowable bond stresses for square piles

Material Condition fb , MPa

Concrete
Salt or fresh water 2.1

Bentonite 0.7
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As in the pilot study, cracking was observed in both the
prestressed piles and in the seal slab. Figure 15 shows a
transverse tension crack just above the seal slab. Figure 16
shows a crack that formed in the seal slab originating from
the corner of a pullout specimen. These conditions need to be
addressed in design.

CONCLUSIONS
This paper presents results from an experimental study

that investigated the interface bond stress that developed be-
tween seal concrete and prestressed piles in cofferdams. Two
series of tests were conducted. In the first series, one-third-
scale models were fabricated and tested. Three variables
were investigated: 1) displacement of fresh water, salt water,
and bentonite slurry; 2) different pile surface conditions; and
3) varied embedment depths expressed as multiples of the
pile width d. In the second series, full-scale tests were con-
ducted for only two conditions (fresh water and bentonite
slurry) as well as varied embedment depths. In all cases, re-
sults were compared against controls where no fluid was dis-
placed. Seal slabs were cast using concrete delivered by
ready-mix plants that conformed to Class III concrete in cur-
rent FDOT specifications.2 The concrete was allowed to cure
for 72 h before testing as permitted by existing specifica-
tions. The following conclusions may be drawn:

1. Bond stresses determined experimentally were signifi-
cantly higher than set in current specifications. Average val-
ues obtained from the full-scale tests varied between 2.0 to
2.7 MPa for fresh water displacement and from 1.5 to 2.5
MPa for bentonite displacement. The lowest value obtained
was 1.1 MPa for piles caked in soil and embedded in bento-
nite to a depth d; 

2. Bond stress values from the full-scale tests were gener-
ally smaller than those for the model tests excepting for ben-
tonite slurry (Table 1 and 2);

3. Strain data indicated that regardless of the embedment
depth, loads were transferred to the pile over an effective
depth. For the specimens tested, this depth was the same as
the size of the pile d;

4. The bond between seal slab and piles caked with mud
was largely unaffected when fresh water or salt water was
displaced. These effects became important in controls or
when bentonite slurry was displaced. This was because the
caked soil was washed away by water currents that devel-
oped during concreting; and

5. Prestressed piles and seal slabs developed cracks before
the full pullout load was developed. Thus, structural failure
of the seal slab and/or the piles themselves should be consid-
ered in any rational design process.

RECOMMENDATIONS
The buoyancy force generated at the base of a seal slab can

be withstood using a combination of both the bond strength
formed between the pile and the cast-in-place concrete as

well as its self-weight. While using this bond to offset a por-
tion of the upward load, the tensile force developed in the
pile cannot be permitted to exceed its cracking strength. The
bond capacity developed by an individual pile may be deter-
mined using the allowable bond stress fb listed in Table 3. 

This stress fb may be assumed to act uniformly over an ef-
fective surface area Ae, given by

or

given the pile width d, pile perimeter p, and the seal slab
thickness D. This limits the effective bond length to 1.0d of
the pile. Hence, the uplift capacity of the pile P is the lesser
of the allowable bond capacity (Pa = fbAe), or the pile tensile
strength (for example, AASHTO [5.6.3.4.1-1]).

In the latest Florida Design Guidelines,9 allowable bond
stress values have been increased from 40 to 250 psi (0.3 to
1.7 MPa) based on the results that are presented in this paper.
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Studies on the Use of  Powder Actuated Nails in Pile Repair 

Jeff Fischer j, Gray Mullins *, Rajah Sen ~ and Moussa Issa 2 

Abstract 

The bond between original and new material is of critical importance in any repair. In 
an effort to improve bond, the Florida Department of  Transportation recently 
proposed the use of powder actuated nails as shear connectors in the repair of 
corrosion-damaged prestressed piles. This paper presents results from an experimental 
study that investigated the efficacy of such repairs. In the study, six one-third scale 
repaired prestressed columns were tested under concentric axial loads. The repairs 
were carried out in accordance with current specifications on sections where damage 
had been simulated during fabrication. Two different shear connector arrangements 
were investigated. The results indicated that improvement in performance was 
relatively modest. However, damage caused by the installation of  the powder-actuated 
nails could be problematic. 

Introduction 

Corrosion damaged piles are commonly repaired by pile jacketing. In this method, 
jackets consisting of  removable or stay-in-place forms are installed around a pile and 
subsequently filled with concrete, mortar or epoxy. This type of repair is referred to as 
non-structural and is carried out where damage is minor. In case of  extreme damage, 

structural repairs are carried out in which a reinforcement cage is incorporated inside 
the jacket to provide increased capacity. 

Department of Civil and Environmental Engineering, University of  South Florida 
Tampa, FL 33620 
2 T Y Lin International, Chicago, IL 
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The efficiency of a repair may be improved by achieving better bond between 
the pile core and the repair material. Shear connectors are widely used in bridge decks 
to ensure composite action. The idea of  using the same concept in piling applications 
was first recommended by one of Florida Department of  Transportation's districts 
who proposed the use of powder actuated nails as shear connectors. These are simple 
to install and have a proven track record for applications involving concrete and steel. 
In their proposed scheme, the powder actuated nails are fastened to the pile surface in 
a rectangular grid pattern at 75 mm (3 in.) on centers in the top region of the jacket 
above the high water level. This arrangement was based on an intuitive understanding 
of the structural response. 

In 1998 the University of South Florida embarked on a study to assess the 
efficiency of jacketed repairs. As part of this investigation, they chose to conduct 
experimental studies to assess the effect of using powder actuated nails on the 
ultimate axial capacity. The repairs were carded out on one-third scale prestressed 
piles and results evaluated against the ultimate capacity of undamaged controls. This 
paper presents a brief description of the experimental program and a summary of the 
test results. Complete test results may be found elsewhere (Fischer et al., 2000). 

Experimental Program 

Specimen Detail 

The test specimens were each 2.44 m long and 15 cm x 15 cm in cross-section. This 
wag established on the basis of a survey of  damage in corroded prestressed piles 
observed statewide. They were prestressed by four 7.9 mm Grade 250 prestressing 
strands each jacked to 51.5 kN. This provided a jacking stress of  8.9 MPa that is 
consistent with values of  8.3-9.5 MPa in prototype piles. 

To ensure uniformity, accelerated corrosion methods were not used for 
simulating damage. Instead, damage was artificially formed during fabrication with 
the help of  plywood cutouts. The damage zone had a constant eross-section of  11.4 
cm x 11.4 cm that extended over a 45 cm length corresponding to 1.35 m in the 
prototype. A 3:1 transition slope was provided at each end of the uniformly damaged 
surfaces to the 15 cm by 15 cm section. As 19 mm plywood was used, this meant the 
damage length was an additional 11.4 cm. The resultingforraed surface provided the 
texture that was used in all the repairs that are reported. 

Powder Actuated Nails 

In addition to FDOT's scheme in which powder actuated shear connectors are 
provided in the upper region of the pile jacket above the waterline, an alternate 
scheme was investigated in which shear connectors extended over the entire repair 
region. The latter scheme is referred to as the modified scheme. These two schemes 
were used in both the non-structural and structural repairs. 
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Because a limited number of specimens were available, the majority of  the 
specimens tested were non-structurai as is generally the case in actual repairs. Thus, 
only two of the six specimens tested were structural, the remaining four being non- 
structural. As the modified scheme was anticipated to provide better results, four of 
the test specimens employed this scheme. These included both structural and non- 
structural repairs. The original FDOT scheme was limited to non-structural repairs. 

Powder actuated nails come in a limited number of sizes and therefore their 
use in the one-third scale model presented particular problems especially since 
spacings had to comply with limitations imposed by the manufacturer. As a result, 
only a single line of 5 cm long fasteners could be used. These had a 7.5 mm head 
diameter with a shank diameter of 3.6 nun. They were installed with a low velocity, 
semi'-automatic .27 caliber tool. These nails were selected specifically because they 
were appropriate for the concrete strength of the prestressed piles. 

Fig.1 shows the layout of the nails. The first nail was driven along the 
centerline of  the pile 5 cm above mid height. The remaining fasteners were spaced at 
7.5 cm intervals. These nails were placed on each of  the four faces. In the first 
(original) scheme, a total of 20 nails were used. In the modified scheme, 40 nails were 
used since they extended below the waterline. 

Figure 1. Structural and non-structural repair. 
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RepairProcedure 

Field repairs are carried out on loaded bridges where piles support both service dead 
and vehicular loads. A special service load simulator was fabricated that permitted 
sustained loads to be applied to the pile prior to jacketing. This maintained increased 
stress in the reduced section typical of damaged piles prior to the application of the 
repair material. In essence it consisted of a pair of steel angles that were clamped in 
place by high strength bolts (Fig. 2). Two threaded rods were connected to these 
angles and tensioned to provide the requisite compressive stress in the pile. A 
calibrated torque wrench was used to maintain desired sustained compressive stress. 

Figure 2. Piles with jackets and pre-load simulator prior to concreting. 
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A jacket was formed around the pile and filled with water. The forms were 
drained just prior to the placement of Class IV concrete (FDOT, 1996). The repaired 
piles were cured at least 28 days with the plastic lined plywood forms in place. 

Results 

An earlier phase of the study indicated that axial load tests were better at identifying 
improvements in interface bond between the repair material and the pile core. In view 
of  this, testing of  the repaired piles was limited to concentric load tests that were 
conducted on all six specimens. The results of these tests were compared against 
those for undamaged controls. 

Prior to the test, specimens were instrumented by a number of  strain gages that 
were bonded to the outside surface of  the jacket. Additional gages were also attached 
to the prestressed pile surface. Readings from these gages enabled an assessment to be 
made of the load transfer characteristics in the jacketed region. 

Table 1 provides a summary of the average failure loads from the three series 
of tests carried out on the six specimens. It also includes information on the 
debonding load and presents it as a percentile of the ultimate load and that of  the 
undamaged control. Inspection of Table 1 shows that the performance of the structural 
repair was the best as it reached 73.9% of  the capacity of  the undamaged control. The 
performance of the non-structural repairs was surprising; the capacity of  the modified 
repair was lower than that of the original repair in which powder actuated shear 
eormeetors were limited only to the top region. This result is believed to be caused by 
damage that resulted during the installation of the fasteners. As damage was greater, 
with the installation of  more nails, there was greater reduction in capacity. 

Table I Summary of results from axial load tests. 

Test Series 

Undamaged 
controls 

Structural 
repa~ 

Non-Structural 
nails at top 

Non-Structural 
nails top and 

bottom 

Average Average Debond Percent of 
Debond Load Ultimate Load Percent Undamaged Control 

kN ldq kN kN 

n/a 1064 n/a 100% 

774 786 98.3 73.9 

632 674 93.9 63.4 

574 620 92.7 58.3 
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Inspection of Table 1 also shows that there was little capacity beyond 
debonding. This was also reflected in the failure modes. In the case of structural 
repairs where there was a modest 1.7% increase, there was some cracking in the 
jacket but no separation. In the case of  the non-struetural repair, the jacket was 
completely separated where nails were only provided at the top. In the remaining case, 
the jacket was still held to the pile at the bottom. 

Measurement of  strain variation across the depth of the pile jacket indicated 
that the strains were lower at the top than at the bottom. This suggests that bond is 
poorer at the top than at the bottom. This is probably because of  water from the 
concrete mix rising to the top. It may be noted that ACI 318 imposes a 30% penalty 
on rebars that have 12 in of concrete below it. 

Conclusions 

This paper presents results of a study conducted to evaluate the effect of  using powder 
actuated nails to improve composite action in piles. In the testing, repairs were carried 
out under sustained load that simulated service dead and live loads on a bridge. This 
meant that additional applied load had to be transferred across the repaired region, 

The results of  the study showed that improvements in the efficiency of  the 
repairs were quite modest and even declined where powder actuated nails were driven 
over the entire depth of  the repair zone. This was attributed to damage to the concrete 
core during their installation. As a result, the capacity of original core that was 
sustaining the service dead and live loads was reduced. 

The findings of the study are based on tests on model-scale piles. Given the 
smfdl size of the piles it was not possible to exactly simulate the layout of  powder 
actuated nails recommended by the Florida Department of Transportation. Thus, 
whether the same conditions apply to prototype piles is debatable. Nonetheless, it will 
be prudent to ensure that fasteners chosen do not damage the concrete. Also, as 
powder actuated nails rely on compression bond for their holding capacity, the bond 
may deteriorate under eccentric loading that was not tested in this study. 
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IMPLEMENTATION AID FOR DYNAMIC REPLACEMENT

OF ORGANIC SOILS WITH SAND

By H. S. Thilakasiri,1 M. Gunaratne,2 G. Mullins,3 P. Stinnette,4 and C. Kuo5

ABSTRACT: The objective of this research was to understand the mechanism of dynamic replacement (DR)
with the view of identifying the attributes needed to effectively implement it. This was achieved by analytically
modeling DR of organic soils with sand using the finite-element method. First, this paper describes briefly the
finite-element formulation and the calibration of the finite-element model using common laboratory soil tests.
Then, model predictions are compared with observations made during a fully instrumented field DR trial. The
respective laboratory tests utilized to extract the model parameters certainly confirmed the applicability of the
chosen constitutive models for the relevant geomaterials involved in the field DR test. Furthermore, the analytical
predictions of the drop hammer displacement and acceleration, as well as pore pressures and lateral displacements
in the drop hammer vicinity, agree reasonably well with those observed during the full-scale field DR. Finally,
a parametric study is performed to demonstrate the usefulness of the analytical model in predicting the optimum
thickness of the initial sand blanket that would produce the maximum treatment benefits.
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INTRODUCTION

Recent research has led to the recognition of relatively new
dynamic replacement (DR) as a viable method of weak soil
improvement. The literature reports at least two case histories
(Kruger et al. 1980; Lo et al. 1990) in which weak soils have
been improved by DR. This is essentially an extension of dy-
namic compaction where the craters formed after each impact
are continuously filled with sand to form strong pervious gran-
ular columns that penetrate the weak parent soil as shown in
Fig. 1. Kruger et al. (1980) and Lo et al. (1990) discovered
that when pounding and filling are carried out in an appropri-
ate sequence, it was possible to create a network of such gran-
ular columns throughout the weak soil thereby improving not
only its consolidation properties but also the shear strength.
The optimum sand column depth that can be achieved with a
given energy level under specific geological conditions and the
spacing of the column grid to achieve the maximum treatment
benefits are the major issues associated with effective field
implementation of DR. Currently, parameters such as the col-
umn depth and spacing are established based on preliminary
laboratory or field tests specific to given site conditions (Lo et
al. 1990; Stinnette et al. 1996). However, this practice becomes
time consuming and even impractical when a wide variation
of geological conditions is observed at the same site. There-
fore, in the planning stages of a given treatment project, it is
invaluable to have a less expensive alternative to ascertain the
viability of this technique for the available site.

Hence, the objective of this research is to formulate an an-
alytical methodology that yields the above-mentioned DR pa-
rameters based on geology and soil properties of a given site
and compare the model predictions with full-scale field DR
data. In this paper, the finite-element modeling of the DR pro-
cess will be described and the applicability of the finite-ele-
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FIG. 1. Dynamic Replacement

ment model to DR also will be investigated based on labora-
tory soil tests and a field DR study. The laboratory testing
program consisted of the tests necessary to calibrate the ma-
terial constitutive models, whereas observations from an in-
strumented full-scale field DR test program were compared
with the theoretical predictions of the finite-element model.
Parameters involved in the comparative study were the pre-
dicted and measured drop hammer acceleration, pore pressure
response of the foundation material, and the lateral deforma-
tion in the vicinity of the drop hammer. A sensitivity analysis
was also carried out to scrutinize the variation of the drop
hammer penetration with the mesh size and the time step size
in an effort to explore the suitability of the selected mesh con-
figuration and time step size. Finally, to demonstrate the use-
fulness of the program, a parametric study was conducted to
obtain the optimum initial sand blanket thickness required for
effective implementation of dynamic replacement.

NUMERICAL SIMULATION

Finite-Element Formulation

As seen in Fig. 1, one realizes that any realistic solution to
the dynamic replacement problem must account for such com-
plexities as pore water flow, improvement of soil properties
associated with treatment, and, above all, the excessive axial
and lateral deformations induced by high energy impact.
Hence, consequent to preliminary analysis based on a 1D an-
alytical model (Thilakasiri et al. 1996b), it was seen that the
3D finite-element method had to be adopted in order to ap-
propriately address all of the above issues.

At the first impact point, dynamic replacement is axisym-
metric, and, accordingly, a cylindrical coordinate system with
updated Lagrangian coordinates will be utilized for the ensu-
ing formulation. Formulation proposed by Kleiber (1989) and
Fung (1965) is used to take into account the finite strains in
the vicinity of the drop hammer. The equations of motion of
AL AND GEOENVIRONMENTAL ENGINEERING / JANUARY 2001 / 25
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the solid skeleton and the fluid phase are considered separately
while maintaining volume compatibility between the two
phases (Zienkiewicz et al. 1988). Subsequently, the finite-el-
ement method with four-node, axisymmetric, isoparametric el-
ements is used to spatially discretize the system of equations,
and then direct time integration is utilized to integrate the
equations of motion in the time domain.

For the explicit form of equilibrium equations, a diagonal
mass matrix must be obtained by lumping the element mass
at discrete points. However, the numerical convenience of
lumping is generally paid off by some loss of accuracy in the
solution. For some cases it has been shown that lumping can
improve the accuracy by error cancellation, and, in transient
approximations, the lumping process introduces additional dis-
sipation of the ‘‘stiffness matrix’’ form, thus canceling out nu-
merical oscillation (Zienkiewicz and Taylor 1991). The solu-
tion scheme is progressed in the time domain using the direct
time integration in which the solution is obtained at discrete
time intervals. Of the many time integration schemes available,
Newmark’s explicit scheme, a popular algorithm for dynamic
analysis, is used in the present study. Then, together with a
diagonal mass matrix, the algorithm becomes explicit. With
Newmark’s explicit time integration, the algorithm becomes
conditionally stable whereby the size of the time step governs
the stability of the solution. It can be shown (Hallquist 1983)
that the critical time step size is related to the time taken to
propagate an elastic wave across the shortest dimension of the
element.

Constitutive Relations

It is a well-known fact that soils exhibit nonlinear behavior
even at low strain levels. Therefore, the traditional assumption
of linear elasticity is inapplicable for soil at the vicinity of the
drop hammer. Considering the implementation ease and their
ability to represent most of the soil properties, two constitutive
relations are adopted in the present formulation, namely, the
elliptical cap model (DiMaggio and Sandler 1971) for granular
soil cover (replacement material) and the modified Cam-clay
model (Chen and Mizuno 1990) for weak soft organic soil.
The cap model consists of a strain hardening elliptical cap and
an elastic perfectly plastic Drucker-Prager failure surface that,
in the octahedral plane (or p plane), touches the irregular hex-
agon formed by the Mohr-Coulomb failure surface at its out-
ermost three nodes. Then, following the classical plasticity the-
ory proposed by Zienkiewicz and Taylor (1991), the
elastoplastic stress-strain tensor can be obtained [(1)]epCijmn

considering a strain hardening yield function f = f (sij, x(εij)),
where sij and x(εij) are, respectively, the stress tensor and the
hardening parameter, which is a function of plastic strain ten-
sor p«ij

g f
C Cijrs klmn

s srs klepC = C 2 (1)ijmn ijmn
f gF GH9 2 Cabcd

s sab cd

where

f x g
H9 = 2 (2)

x ε sij ij

and Cijmn = elastic constitutive matrix.
At each time step, a trial elastic second Piola-Kirchhoff

stress increment dse is calculated for that time step (Kleiber
1989). Then, dse is transformed to the Cauchy stress incre-
ment at the end of that time step. Similarly, after the stress at
the beginning of the nth time step sn is also transformed to
the corresponding Cauchy stress at the end of nth time step,
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the final trial stress on the current configuration referringsn11

to the rotated coordinates at the end of the time step is esti-
mated by adding the stress increment to sn (Kleiber 1989). If
the trial stress tensor is outside the current yield surface,sn11

then the stress increment is elastoplastic and (3) is used to
estimate the stress increment

epds = C dε (3)ij ijmn mn

The validity of the approximation in (3) depends on the mag-
nitude of the strain increment. If the strain increment is ex-
cessive, it should be divided into smaller increments and
passed through the constitutive relations subroutine several
times. However, it is possible for such approximations to de-
viate the stress point from the yield surface even for small
strain increments, and such small deviations can become cu-
mulative during several steps, thereby inducing significant er-
rors in the final results. There are a number of methods to
relocate the stress point back on the yield surface after each
strain increment. The method adopted in the present formu-
lation is known as the radial return method (Chen and Mizuno
1990) where it is assumed that the relocation is done along
the direction of the normal to the current yield surface.

Slideline Algorithm

An obvious complexity involved in finite-element modeling
of dynamic replacement (or dynamic compaction) procedures
is the simulation of the soil punching mechanism. Hence, a
unique feature of the current analysis is the development of a
specific sideline algorithm to account for the relative displace-
ment between adjacent nodes. In accordance with previous
theoretical developments by Thilakasiri et al. (1996b) and
Chow et al. (1992) as well as experimental observations, in
the present analysis it is assumed that the soil column imme-
diately underneath the hammer punches through the surround-
ing soil together with the hammer. This punching causes rel-
ative displacement between the adjacent nodes on either side
of the punching soil column. It is also assumed that whether
or not sliding develops between adjacent nodes is determined
by the limiting Coulomb friction between them. There is a
number of slideline algorithms available to account for various
mesh discontinuities in the finite-element or finite-difference
formulations (Hallquist et al. 1985). Of those, the model con-
straints, the penalty, and the distributed parameter methods are
widely used; in this formulation the penalty method is adopted.

For all of the slideline algorithms, it is customary to identify
one side as the slave side and the other side as the master side.
The slideline algorithm employed in this formulation considers
the forces transferred from solid to solid and fluid to fluid
across the slideline discontinuity. Each slave node is consid-
ered in turn, and the effective area for the nth slave node is
defined between the center of the n 2 1th slave segment and
the center of the nth slave segment. This effective area is in-
dicated for node c in Fig. 2. If the master segment is in contact
with the slave side, integrated quantities related to forces cor-
responding to each slave node are prorated according to the
relevant area of contact and transferred to the master node(s)
within the effective area.

In the penalty formulation, the nodes are allowed to pene-
trate the opposite side. Such a situation is shown in Fig. 3,
where node q has penetrated seqment rs of the adjacent ele-
ment. In this situation, as the node is inside the segment (such
as node q in rs), a new contact point y (on segment rs) and
the amount of penetration lq are found using the relationships
given by (4) and (5), respectively.

y(h )c
? [q 2 y(h )] = 0 (4)c

h
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FIG. 2. Typical Mesh Discontinuity with Dotted Lines Showing
Slave Side and Solid Lines Showing Master Side

FIG. 3. Penetration of Node q through Opposite Side

l = h ? [q 2 y(h )] < 0 (5)q c

where n = normal vector to segment rs; y = vector oy; q =
vector oq; and hc = local coordinate of the contact point with
respect to points r and s. Then, a penalty force fq [(6)] pro-
portional to the amount of penetration lq is applied to get the
node back onto segment rs

f = 2l K h (6)q q q

2f K Asi b i
K = (7)q

Vi

where Ai = face area of the element containing segment rs; Vi

= volume of the element containing segment rs; Kb = bulk
modulus of the material of the element containing rs; and fsi

= scale factor. The value of the coefficient Kb is generally kept
constant, but if excessive penetration is noticed it should be
increased to reflect the gradual densification. Then, the master
side acceleration is updated for the next time step using the
new integrated quantities. As illustrated in (8) and (9), the
estimated acceleration is used to determine the respective
forces acting on each slave node tangential and normal to the
master segment

f = (a cos u 1 a sin u)m 2 f cos u 2 f sin u (8)nn rn zn n rn zn

f = (2a sin u 1 a cos u)m 1 f sin u 2 f cos u (9)tn rn zn n rn zn

where arn = acceleration of the nth node in the r-direction; azn

= acceleration of the nth node in the z-direction; frn = internal
force at the nth node in the r-direction; fzn = internal force at
the nth node in the z-direction; mn = lumped mass at the nth
node; and u = inclination of the normal vector n to the r-
direction.

For any node, if the normal force is found to be tensile, then
JOURNAL OF GEOTECHN
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FIG. 4. Vicinity of Impact Location

the slave node is released, and it is no longer considered to
be in contact with the master side. The normal force deter-
mined above is used to estimate the shear strength based on
Coulomb limiting friction expressed by (10). Then, when the
tangential force ftn exceeds the frictional shear strength , thesf tn

slave node slides relative to the master segment
sf = f tan d 1 c (10)tn nn

where = shear strength at the nth node tangential to thesf tn

interface; d = angle of friction between master and slave sides;
and c = cohesion between master and slave sides.

When ftn $ a frictional resistive force equal to iss f sf , f ftn tn tn

applied on q in the tangential direction, and the node is al-
lowed to slide. Then, the direction of the limiting Coulomb
frictional force applied on the sliding node is determinedff tn

based on the relative velocity v in the tangential direction be-
tween the contact node q and the point of contact y (Fig. 3)
as given in (10).

It was observed by Nagger et al. (1994) and Thilakasiri et
al. (1996b) that the impact vicinity can be divided into three
zones, namely, Zone 1, Zone 2, Zone 3 (Fig. 4) based on the
magnitude of the accumulated plastic strains. Furthermore, it
was also emphasized that the strains developed in Zone 3 are
essentially elastic. Therefore, the boundary traction force vec-
tor in the equilibrium equations is determined based on linear
elastic material behavior.

CALIBRATION OF CONSTITUTIVE RELATIONS

Estimation of Material Parameters

Calibration of the constitutive models to accurately repre-
sent the material behavior is vital to obtaining reliable predic-
tions from finite-element analysis. The bulk modulus K and
the shear modulus G can be constants or stress or strain level
dependent elastic material properties. After analyzing the re-
sults of a test series carried out on the replacement material
(sandy soils), it was concluded that the assumption of constant
bulk modulus G and shear modulus K is reasonable for this
material type for the relevant range of pressures. As for the
foundation material (organic soil), the bulk modulus is as-
sumed to be a function of the first invariant of the stress tensor
(Cam-clay assumption), and the shear modulus is assumed to
be constant.

The Cam-clay model requires five material parameters for
a complete description of the material (Chen and Mizuno
1990), and the elliptical cap model needs seven independent
parameters (Chen and Mizuno 1990). In addition to the ma-
terial parameters required for the constitutive relations, there
are other properties such as density, permeability, and porosity
that must be evaluated as well.

The material used for the initial layer and subsequent crater
fillings were sandy in nature, and hence they were modeled in
the finite-element formulation using the elliptical cap model.
In the calibration of the elliptical cap model, isotropic con-
solidation, consolidated drained, and consolidated undrained
triaxial test results were used.
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The material parameters obtained during the calibration
phase were subsequently used for the prediction of stress-strain
and pore pressure-strain response of the respective material
during an independent test series, in order to verify the appli-
cability of selected material models, for each material type.
The predicted and observed variations are shown in Figs. 5
and 6.

In addition to the volumetric compressibility due to dissi-
pation of pore water pressure (primary consolidation), the
long-term settlement due to creep (secondary consolidation) is
also excessive for organic soil and persists for a long period
under prolonged loading. However, the duration of the impact
of a single hammer blow during dynamic replacement is rel-
atively short making it impossible for secondary consolidation
to take place. Hollingshead et al. (1971) carried out two 1D
consolidation test series on a similar type of material (Cana-
dian muskeg), one with 4-h load increments and the other with
24-h load increments. The results show that the difference
in the slope of the e versus log P curve is essentially the
same for both test series. Furthermore, another consolidated
undrained test series carried out by Hollingshead et al. (1971)
showed that the general shapes of the stress-strain curves of
these tests are similar to those of insensitive unbound clays.
They also showed that the pore pressure response during un-
drained shearing was similar to what might be expected from
an insensitive clayey soil. Hence, a 1D consolidation test series
was carried out on the organic material at the study site to
estimate the primary consolidation parameters, and these tests
were terminated after the primary consolidation phase with the
aid of the data acquisition system, which displays the speci-
men displacement on screen while the test progresses.

The general behavior of Florida organic material under con-
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solidated undrained triaxial conditions resembled the previ-
ously mentioned observations of Hollingshead et al. (1972).
The stress path plot during one undrained triaxial test is re-
produced in Fig. 7. The evaluated material parameters were
then utilized in the Cam-clay model to predict the experi-
mental stress path shown in Fig. 7. It is seen that the model
predictions agree reasonably well with the experimental re-
sults.

1D consolidation test results were also used to investigate
the variation of permeability of organic material with the void
ratio. Fig. 8 shows permeability versus void ratio trend, and,
within the range of values relevant to this study, the following
linear fit can be made:

log(k) = 1.9322e 2 14.04 (11)

where k is measured in centimeters per second. Since it is the
direct shear test condition that closely represents the mechan-
ics of shearing taking place at the slideline, the angle of in-
ternal friction obtained from a direct shear test is used in the
Mohr-Coulomb shear strength expression to get the limiting
frictional force.

The compressibility of pore water kf has a prominent effect
on the predicted pore pressure results. It is an accepted fact
that the natural pore fluid contains microbubbles and tiny air
pockets entrapped in the voids between soil particles (Menard
and Broise 1975). When treated as a single substance under a
dynamic load, the presence of these air pockets and micro-
bubbles give rise to a high compressibility compared to pure
water. The effective elastic bulk modulus of the air-water mix-
ture can be defined as
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FIG. 6. Experimental Stress versus Strain Curve and Elliptic Cap Model Predictions

FIG. 5. Experimental Pore Water Pressure versus Strain Variation and Corresponding Elliptical Cap Model Predictions
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FIG. 7. Experimental and Predicted Stress Paths for Undrained Triaxial Tests on Florida Soils

FIG. 8. Variation of Permeability with Void Ratio for Organic Soil

                
dr dpw = (12)
r Kw f

where rw, dp, and Kf are density, pressure change, and bulk
modulus of the mixture, respectively. On the other hand, Kf

can be related to the bulk modulus of pure water Kfo by (Mei
and Fonda 1982)

1 1 1 2 s
= 1 (13)

K K pf fo

in which s = degree of saturation of the soil; and p = absolute
pore pressure. The effect of entrapped air on the bulk modulus
of the mixture can be illustrated by the following example.
Assume that Kfo = 2 3 109 N/m2, S = 95%, and p = 1 atm =
105 N/m2. Thus, Kf is estimated to be 2 3 106 N/m2 from (13)
clearly showing a magnitude reduction of three orders from
Kfo due to 5% air. As the order of magnitude of pore pressure
p is much less than that of Kfo, a constant value of Kf was
used assuming the degree of saturation of 95% for air-water
mixture.

Computer Program for Finite-Element Formulation

The computer program DYCOM was developed to execute
the theoretical procedure outlined above. This program is ca-
pable of modeling single or multiple impacts during the dy-
namic replacement procedure and generating output files of
mesh deformation as well as time history data.

Once the main finite-element program was developed, the
accuracy of the written subroutines (except the constitutive
relations subroutine, the slideline subroutine, and the pore
pressure subroutine) were checked against the commercially
available dynamic finite-element program DYNA2D. For this
JOURNAL OF GEOTECHNIC
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purpose, a simple impact load case involving linear elastic
material behavior without pore water was analyzed using both
DYNA2D and the DYCOM programs. Despite the difference
in the number of integration points employed for these two
programs (four point integration for DYCOM and one point
integration for DYNA2D), excellent agreement was obtained
in their predictions. Flowcharts illustrating the organization of
the main finite-element program and the constitutive subrou-
tine for the Cam-clay model are shown in Thilakasiri (1996a).

MODELING OF FULL-SCALE FIELD TEST

Field Testing Program

A field testing program was devised to investigate the feas-
ibility of dynamic replacement of Florida organic soil during
one phase of the comprehensive research project. The test site
is located in Plant City, Florida, adjacent to Interstate 4 (I-4).
The subsurface profile at the test consisted of 1.2- to 1.8-m-
thick organic soil layer underlain by a dense silty sand deposit.
After investigating the thickness of the organic soil layer based
on ‘‘muck’’ probes, an area of 26 3 18 m was cleared. Then,
the cleared area was covered with sand with a layer thickness
varying from 1.2 to 2.1 m. The time duration between placing
of the surcharge and the beginning of actual dynamic replace-
ment testing was approximately 1 month. Considering the con-
solidation characteristics of organic soil, it can be reasonably
assumed that during that period, the organic soil layer had
reached the end of the primary consolidation phase, thus leav-
ing a hydrostatic pressure distribution at the beginning of dy-
namic replacement. One impact location was selected for the
pilot study and instrumented with inclinometers and resistivity
type piezometers as shown in Fig. 9.
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FIG. 9. Instrumentation of Pilot Study

Instrumentation

The instrumentation included inclinometers, resistivity-type
electronic piezometers, and an accelerometer. The pressure
transducers (6,897 kPa capacity) were first encapsulated in a
PVC porous material and then attached to a 19.1 mm schedule
40, PVC standpipe to physically protect the electrical connec-
tion to the computer.

The inclinometers were used to measure the lateral defor-
mation of the soil in the vicinity of the drop hammer. Attached
to the inclinometers were magnetic rings to measure the ver-
tical settlements. A magnet sensitive probe could descend to
facilitate the settlement monitoring. The inclinometer/settle-
ment monitoring system consisted of the inner inclinometer
casing surrounded by a flexible corrugated plastic hose to
which the magnetic rings were attached. The spacing of the
magnetic rings along the casing was kept at 0.61 m.

Fig. 9 shows the plan view and a sectional view of the
instrumentation relative to the impact location. In Fig. 9, I/S
denotes the inclinometer-settlement monitoring system, and I
denotes only the inclinometer. The typical inclinometer probe,
which consists of spring-loaded wheels mounted to an ap-
proximately 2-ft-long, 1-in.-diameter rod, was used to measure
the position of the inclinometer after the impact.

Apart from the above-mentioned instruments, laser pointers
with laser detectors were used to measure the impact velocity
of the hammer and trigger the data acquisition system. A drop
hammer was also fabricated from 49-mm-thick, 0.61 3 0.61
m square steel plates to a total height of 1.22 m, producing a
total weight of 4 tons. Then, an accelerometer was mounted
on the top plate of the hammer coinciding with the center of
the hammer. A terminal box with receptacles for each of the
eight transducers was fabricated to expedite data acquisition
during testing.

Comparison of Model Predictions and Field Data

First Blow of Drop Hammer

The aforementioned finite-element program DYCOM was
used to model the drop hammer impacts during the field test-
ing program. Then, the predicted displacement and pore pres-
sure fields in the neighborhood of the hammer were compared
with the corresponding quantities measured in the field. After
conducting a few trials in the area (under similar subsurface
conditions) well away from the pilot study location, an initial
drop height of 6.1 m was selected. This drop height was ver-
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FIG. 11. Hammer Displacement after: (a) 160 ms; (b) 200 ms

FIG. 10. Initial Mesh

ified by the crater prediction method proposed by Mullins et
al. (1996).

The soil layer dimensions for the finite-element mesh were
selected based on the previously carried out cone penetration
test and borehole log results. The mesh boundaries were se-
lected well outside the influence area of the drop hammer. The
final mesh configuration was determined after carrying out a
sensitivity analysis of the predicted results with respect to the
number of elements in the mesh. The ground-water table was
observed to be at the top of the organic soil layer. The actual
impact velocity of the hammer was estimated by multiplying
the free fall velocity by an efficiency factor. Based on the
velocity measurement using the laser beam method and video-
taping of the free-fall, the efficiency factor was found to be
90%.

The mesh output data were obtained at 20-ms intervals. Fig.
10 shows the initial finite-element mesh, and Figs. 11(a and
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FIG. 14. Measured and Predicted Lateral Displacement at Lo-
cation I/S-1 of Fig. 9

FIG. 13. Measured and Predicted Pore Pressure at Location
P-1 of Fig. 9

FIG. 12. Acceleration Time History of Drop Hammer

b) show the time history of the deformation of the finite-ele-
ment mesh as predicted by the finite-element model, at 160
and 200 ms after the impact.

The crater depth measured after the first blow was 0.87 m,
whereas the theoretical prediction from the model was 0.78
m. In Fig. 12, the rebound portion of the predicted acceleration
curve of the drop hammer was of a higher magnitude than the
measured negative acceleration, indicating that the rebound
velocity of the hammer is less than the rebound velocity pre-
dicted by the model. This is probably the reason for the dis-
JOURNAL OF GEOTECHNIC
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crepancy between the predicted and the measured crater
depths.

The model was also utilized to predict the pore pressure
responses of the installed piezometers. The results of the com-
parison of the model and the measured pore pressure response
at location P-1 of Fig. 9 is shown in Fig. 13. The comparison
of the lateral deformation of the inclinometer I/S-1 with the
corresponding model prediction is shown in Fig. 14. Similar
comparisons made with other piezometer and inclinometer
readings are found in Thilakasiri (1996a).

As mentioned earlier, a convergence study was carried out
to select the best mesh configuration and the time step size.
For this study, the final hammer penetration was selected as
the control parameter. The variations of the control parameter
with respect to the number of elements and the time step size
are shown in Figs. 15 and 16. In varying the number of ele-
ments in the mesh, both the far-field configurations were
changed. Accordingly, a time step size of 0.00002 s and a
mesh with 464 elements were selected for the field test sim-
ulation.

Multiple Blows

The program DYCOM is also capable of modeling multiple
blows during dynamic replacement. At the end of a particular
hammer blow, the program automatically creates an output file
containing the current geometry of the mesh, updated material
properties, slip surface information, and other parameters spec-
ified by the user in the initial input file. The output file, thus
created, acts as the input file for the simulation of the next
hammer blow. In addition, the user has to specify the refill
material properties together with the re-meshing dimensions
for the next hammer blow. For subsequent hammer blows, the
program re-meshes only the refilled crater created by the pre-
ceding hammer blow and the slave side of the slideline of the
previous mesh. On the other hand, the master side of the
slideline of the previous mesh is kept unaltered.

Once the re-meshing dimensions and the refill material
properties are provided, re-meshing is automatically carried
out by taking into account the refilled area and the user spec-
ified dimensions. In the process of re-meshing, the updated
soil properties at the integration points are determined by lin-
ear interpolation of the corresponding quantities from the mesh
configuration at the end of the preceding hammer blow. The
computational procedure is repeated for the new mesh with
the updated material properties.

The first four hammer blows imparted during the field test-
ing program were numerically simulated using the above pro-
cedure. Since the hammer acceleration and pore pressure data
were not available for comparison, only the lateral displace-
ment measured using the inclinometers are shown in Figs. 17–
20 along with predicted values. In addition, the vertical dis-
placement of the top of the organic soil layer predicted and
measured with the progression of the treatment process are
shown in Fig. 21. Both the predicted and the measured vertical
displacement of the bottom of the organic layer was insignif-
icantly small.

If one assumes that the measured displacements are accu-
rate, then it is evident from the comparison of the measured
and the predicted lateral displacements (Figs. 17–20) that the
model overpredicts the lateral deformation of the organic soil
layer. For precise measurement of the lateral deformation, the
stiffness of the measuring device should be of the same order
of magnitude as that of the surrounding soil. However, the
inclinometer pipes were grouted after installation, thus increas-
ing the lateral stiffness of the inclinometer setup. Therefore, it
is possible that the inclinometer pipe surrounded by hardened
grout may have been stiffer than the weak organic soil, re-
sulting in lower lateral displacement of the inclinometer in the
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FIG. 15. Variation of Final Hammer Penetration with Number of Elements

FIG. 16. Variation of Final Hammer Penetration with Time Step Size

     
FIG. 17. Lateral Displacement of Inclinometer I/S-1 after Sec-
ond Blow

FIG. 18. Lateral Displacement of Inclinometer I/S-1 after
Fourth Blow
ECHNICAL AND GEOENVIRONMENTAL ENGIN
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FIG. 19. Lateral Displacement of Inclinometer I/S-2 after Sec-
ond Blow

organic soil layer. Hence one can also view the results in Figs.
17–20 as indicating a significant limitation of inclinometer
measurements rather than an overprediction by the analytical
method. This deficiency of the inclinometer systems is hard to
overcome when using them in very weak soils.

Parametric Study

The finite-element methodology developed in this study can
be effectively utilized in predicting the optimum values of en-
ergy level, initial sand blanket thickness, and other significant
attributes of dynamic replacement. This would certainly aid in
curtailing needless labor and expenses required for field trials
needed to assess the impact of each individual attribute. To
illustrate this facility, a parametric study was performed using
DYCOM to observe the effect of changing the initial sand
blanket thickness. The depth of the sand column formation and
EERING / JANUARY 2001
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FIG. 20. Lateral Displacement of Inclinometer I/S-2 after 4th Blow
FIG. 21. Vertical Displacement of Top of Organic Layer

the lateral extent of the improvement zone can be regarded as
fitting indicators of the effectiveness of dynamic replacement.
Hence the parametric study was performed for the test site
using three values of the initial sand layer thickness (0.91,
1.22, and 1.53 m), in order to investigate the effect of the
initial sand layer thickness on the extent of the column for-
mation and the hammer penetration. The variation of the lat-
eral deformation at a location 1.22 m away form the impact
location (I/S-1 of Fig. 9) and the hammer penetration predicted
by DYCOM for the first three blows are shown in Figs. 22–
25.

As one might expect, the sand column depth and the extent
of the lateral influence zone increase with the decrease in the
thickness of the initial sand layer thickness. However, thin
sand layers create other practical problems such as excessive
hammer penetration accompanied by problems of hammer re-
covery and irregular column formation with intermittent or-
ganic soil layers. The latter phenomenon can result from cav-
ing-in of organic soil during and after the hammer retrieval, if
a significant thickness of the organic soil has been exposed
JOURNAL OF GEOTECHNIC
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due to a single penetration. The values of hammer penetration
after the first blow for each of the layer thicknesses are given
in Table 1. If the organic soil layer should not be exposed after
the first blow, the maximum hammer penetration must be lim-
ited to the thickness of the covering sand layer. Hence, based
on the values given in Table 1, a 1.22-m-thick sand layer was
selected for the field study.

APPLICABILITY OF STRESS-STRAIN RELATIONS

The main aims of the technique described in this paper are
to predict the depth of pounder penetration, depth of compac-
tion influence in organic soil, and the extent of sand column
formation. It is apparent that, in terms of these phenomena,
the more important deformation behavior is that of the organic
soil, which is described adequately by the Cam-clay model.
The encouraging computer predictions bear testimony to this
statement.

Bishop (1966) stated that the extended von Mises criterion
(on which Drucker and Prager failure surface is based) fails
to predict meaningful results for cohesionless soils with f9
larger than 36.97 in both extension and compression. Bishop
(1966) also stated that experimental results strongly support
the Mohr-Coulomb failure criterion. In the case of the sand
overburden that provides the compaction blanket and refill ma-
terial for sand columns, the mode of deformation that directly
impacts the pounder penetration and vertical influence zone of
compaction is compression. Since the triaxial compression
tests conducted on the tested sand yielded f9 values <36.57
(347 for blanket sand, and 327 for refill sand), the above lim-
itations of the von Mises failure criterion would not have sig-
nificant implications on the results of this study, especially in
the initial stages of dynamic compaction. However, on re-
peated pounding of the sand columns, as the sand columns
become saturated and begin to expand laterally, it is quite pos-
sible for the sand in the columns to approach a density that
would correspond to the limiting f9 value of 36.57. Under
FIG. 22. Lateral Displacement at 1.2 m away from Impact Location after the First Blow
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FIG. 23. Lateral Displacement at 1.2 m away from Impact Lo-
cation after Second Blow

FIG. 24. Lateral Displacement at 1.2 m away from Impact Lo-
cation after Third Blow

FIG. 25. Variation of Displacement of Top of Organic Layer
with Sand Layer Thickness

these conditions, the rates of lateral and even the vertical pro-
gression of the sand predicted by the model could be ques-
tionable. However, this will not apply to the deformation be-
havior of the relatively loose refill sand.

CONCLUSIONS

The objective of this study was to develop a finite-element
model to explore the significant attributes of the ground mod-
ification technique of dynamic replacement and compare
model predictions with a full-scale instrumented dynamic re-
placement test program. As one would anticipate, dynamic im-
pacts produce relatively large strains during dynamic replace-
ment, leading to excessive deformation in the vicinity of the
drop hammer. Moreover, at high strain levels, soil exhibits
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TABLE 1. Hammer Penetration after First Blow

Initial sand
layer thickness

(m)
(1)

Penetration of hammer
after first blow

(m)
(2)

0.91
1.22
1.53

0.91
0.73
0.55

nonlinear characteristics making the linear elastic stress-strain
relations unrealistic. Most of the currently available analytical
methods used for dynamic compaction analysis assume linear
stiffness and damping properties in simulating the dynamic
response of the ground. In the current formulation on the other
hand, two constitutive relations are used to model the two
material types involved: (1) The elliptical cap model for sand;
and (2) the modified Cam-clay model for organic soil. The
stress is increased in a stepwise manner according the updated
Lagrangian method, and the geometrical nonlinearity is con-
sidered in the stress incremental process. Hence this analytical
methodology can be considered as a significant improvement
in the analysis of dynamic stabilization methods. Kinematics
of both the solid phase and the pore fluid are considered sep-
arately, whereas volumetric compatibility is maintained to en-
sure the integrity of the two phases. In addition, the complex
punching mechanism is also successfully modeled by formu-
lating a comprehensive slideline algorithm. Laboratory drained
and undrained triaxial, and isotropic consolidation tests were
used to extract the material parameters for the finite-element
model. Subsequently, the chosen material parameters were
utilized to numerically model the pore pressure and the stress-
strain behavior of separate triaxial tests in order to verify the
applicability of the selected material models. The agreement
between the predicted and the experimental data was reason-
able. Then, the hammer acceleration, lateral deformation, and
pore pressure generation in the neighborhood of the impact
location measured during the test program were compared
with the corresponding model predictions. Reasonably good
agreement between the measured and the predicted results was
observed thereby verifying the applicability of the proposed
finite-element methodology for field dynamic replacement.
Furthermore, the usefulness of the finite-element program in
determining the optimum sand layer thickness was also dem-
onstrated by a parametric study. Hence in field construction
situations where field pilot DR studies are impractical due to
highly variable site geology or when a preliminary DR via-
bility study is needed, this analytical tool can be expediently
employed to determine the optimum DR depth and spacing of
the DR column grid to achieve maximum treatment benefits.
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Pressure-Grouting Drilled Shaft Tips in Sand 

Gray Mullins ~, Steven D. Dapp 2, and Peter Lai 3 

Abstract 

Considering the strain incompatibility between end bearing and side friction of 
drilled shafts, tip capacity is often discounted from total shaft capacity. This is due to the 
relatively large displacements required to mobilize the tip which often exceed service 
load displacement criteria. Additionally, concerns regarding shaft tip soil disturbance 
(i.e. insitu stress relief) and toe cleanliness further discourage designers from using end 
bearing as available capacity. As a method of mitigating these conditions, pressure- 
grouting the shaft tip after its construction has been successfully employed throughout 
the world. With very few exceptions, the benefits of tip-grouting have been disregarded 
in the United States. Sources of skepticism arise from the uncertainty of the grout 
formation beneath the tip and the lack of rational design procedures for its use. In 
cooperation with the Florida Department of Transportation, the University of South 
Florida is researching the effects of post-grouting on shaft capacity in loose to medium 
dense sands. This paper presents a review of past and present base-grouting methods 
used throughout the world and the scope of on-going full-scale load test programs. 

Introduction 

The use of drilled shafts as structural support has recently increased due to 
heightened lateral strength requirements for bridge foundations and the ability of drilled 
shafts to resist such loads. They are particularly advantageous where enormous lateral 
loads from extreme event limit states govern bridge foundation design (i.e. vessel impact 
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2 DEEP FOUNDATIONS 

loads). Additional applications include high mast lighting, cantilevered signs, and most 
recently, cellular phone and communication towers. With respect to bridge construction, 
design procedures, both axial and lateral, have been additionally impacted where 
increased unsupported pile lengths are mandated by scour depth predictions based on 100 
year storm events. This dramatically changes driven pile construction where piles cannot 
be driven deep enough without overstressing the concrete or without pre-drilling dense 
surficial layers. In contrast, drilled shaft construction is relatively unaffected by scour 
depth requirements and the tremendous lateral stiffness has won the appeal of many 
designers. However, drilled shaft design and construction is plagued with quality control 
issues (e.g. shaft bottom cleanliness or open excavation time) not experienced during pile 
driving. 

Typically, designers have chosen to significantly reduce end bearing capacity or 
even discount it altogether to account for soft toe conditions. Even in ideal conditions, 
full end bearing is typically not mobilized before service load displacement criteria are 
exceeded. The bulk of the capacity is therefore derived from side friction which can be 
developed with relatively small displacements. This is especially problematic for larger 
shafts which must displace even further to fully develop tip capacity in loose to medium 
dense cohesionless soils where unit side friction values are comparably low with respect 
to competing foundation systems. Consequently, the end bearing strength component, 
which may be on the order of up to twenty times the unit side friction, is unavailable to 
the useful capacity of the shaft (AASHTO, 1997). In an effort to mitigate shaft toe 
cleanliness and also balance the useful capacity between end bearing and side friction, 
projects throughout the world have implemented pressure grouted shaft tips after normal 
shaft construction (sometimes termed "post-grouting"). An overview of pressure 
grouting considerations will be presented herein as well as efforts underway to develop 
recommendations for its use by the Florida Department of Transportation (FDOT). 

Background 

In the early 1960's, efforts began to obtain more usable tip capacity of drilled 
shafts using pressure grouting below the shaft tip. In 1975, Gouvenot and Gabiax 
presented results of a test program where post-grouting large diameter piles led to 
increased ultimate load capacities up to three times in sands and clays. As a result, post- 
grouting techniques have become a routine construction process in many parts of the 
world (Bruce, 1986). The post-grouting process entails: (1) installation of grout pipes 
during conventional cage preparation that run to the bottom of the shaft reinforcement 
cage, and (2) after the concrete in the shaft has cured, injection of high pressure grout 
beneath the tip of the shaft which both densities the insitu soil and compresses any debris 
left by the drilling process. By essentially preloading the soil beneath the tip, end bearing 
capacities can be realized within the service displacement limits. 

Although the performance of a drilled shaft is bounded by the maximum 
contribution of end bearing and skin friction components, these values are not fully 
realized due to flaws introduced by full scale construction techniques. Three 
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mechanisms, or combinations thereof, are responsible for the excessively large shaft 
displacements required to develop bearing capacity: 

�9 Strain incompatibilities typically exist between the end-bearing and side friction 
components in relation to service displacement criteria. The ultimate side frictional 
component develops with relatively small shaft displacements compared to the 
displacements required to mobilize ultimate end bearing. Development of the side 
friction component can be 50% of ultimate at displacements of approximately 0.2% of 
the shaft diameter (D) (AASHTO, 1997), and fully developed in the range of 0.5 to 1.0 
% D (Bruce, 1986). In contrast, mobilization of the end bearing component can be 50% 
mobilized at 2.0% D (AASHTO, 1997), and fully mobilized in the range of 10 to 15 % 
D (Bruce, 1986). The end bearing component therefore requires 10 to 30 times more 
shaft displacement in order to mobilize the same percentage of its ultimate value as the 
side shear component. This means that the side friction is strained beyond its ultimate 
strength and into a residual state by the time the end bearing capacity is realized. In 
addition, the service load deflection criteria is often exceeded long before any significant 
amount of end bearing can be developed. 

�9 The pile toe zone is often disturbed by normal construction procedures. This 
disturbance can occur by soil stress relaxation due to excavation of the overburden, 
inflow of groundwater due to insufficient hydrostatic head or rapid removal of the 
excavation tool during the construction process. This soil disturbance of the pile toe 
zone by normal construction procedures is often difficult or nearly impossible to 
eliminate. Displacements necessary to overcome this disturbance and mobilize end 
bearing are usually in excess of allowable service limits. In instances of less competent 
soil, this problem is further compounded. 

�9 Construction methods and processes may leave soft debris/deposits at the bottom of 
the excavation. Primary contributing factors are: overall shaft bottom cleanliness, a non- 
uniform distribution of toe debris causing an initially reduced shaft area bearing on the 
soil, excessive sand content in the drilling fluid, prolonged time for cage and concrete 
placement, and deposits of drilling fluid itself at the bottom. These construction related 
factors may then also be the cause of excessive deflections required to mobilize end 
bearing due to toe inclusions not evident in an otherwise clean excavation. 

Depending on soil type and drilling method, any or all of the above mechanisms may 
occur at a given excavation. However, each scenario can be mitigated by a procedure, 
relatively unused in the United States, where post-grouting is performed beneath the shaft 
tips. This grouting concept accommodates the trend towards large diameter drilled shafts 
due to lateral load considerations, while allowing for the end bearing component to 
contribute to the useful capacity of the shaft. 

Soil Type Applicability 

End bearing strata may be grouped into three broad categories in relation to the 
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process of post-grouting pile tips. These categories are cohesionless soils (sands to silts), 
cohesive soils (clays), and soft or fractured rock formations. Although all soils can be 
improved to some degree by grouting techniques, the applicability and effectiveness of 
grouting, primarily compaction grouting, is many times more effective in cohesionless 
soils than other soil types (Baker and Broadrick, 1997). Historically, nearly all of the 
studies and construction projects involving grouting of the pile tips to increase end 
bearing have been in cohesionless soils. 

Sand and Silt. The first effective large scale grouting of pile tips was performed in 
sandy soils in 1961 at the Maracaibo Bridge (Sliwinski, 1984). Since then many studies 
and construction projects have proven the extreme benefits of post-grouting the pile tips 
in cohesionless soils (Piccione in Cairo, 1984; Sliwinski and Fleming, 1984; Logie in 
Jakarta, 1984; Stocker in Jedda-Mecca Expressway, 1983; and Bauer in Brooklyn, NY, 
1988). In general, results have shown that post-grouting the pile tips in cohesionless 
soils has significantly increased end bearing capacities. Figures 1, 2 and 3 show the 
effectiveness of post-grouted shafts. 

Figure 1. Comparison oftwol.5m diameter Figure 2. Load-displacement of 570 mm 
drilled shafts (Sliwinski, et al., 1984). bored piles (Stocker, 1983). 

Loose to medium dense sands hold the highest potential for increase in useable 
shaft end bearing. This is due to this soil profile being the most susceptible to the three 
mechanisms contributing to lack of pile end bearing as outlined in the previous section. 
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Figure 3. Results from 450 mm shaft load tests (Sliwinski, et al., 1984). 

Two different grouting methods, permeation grouting and compaction grouting, are 
applicable to these soils. The permeation grouting can easily create a very large grout 
bulb, and compaction grouting can dramatically improve the soil stiffness. Both 
processes can be done with the use of ordinary cementitious grout. 

Dense sands can be both permeation and compaction grouted with cementitious 
grout in the same mariner as loose sands. However, a micro-fine cement may become 
necessary for permeation grouting, and may not yield significant improvement over 
compaction grouting alone. The grout volume used in dense sands would be significantly 
less. Bruce (1986) reviewed many cases to state that there is a direct relationship 
between ultimate load increase and volume of cement grout injected for all sands; when 
grouting dense sands the grout volume simply corresponded to the void volume of the 
gravel pack (discussed later, Figure 8). 

Sandy silts can be densified by means of applying effective stresses during 
compaction grouting with ordinary cementitious grouts, although it is less effective than 
compaction grouting of clean sands. Permeation grouting in silty soil, however, would 
involve the use of chemical grouts, such as a silica gel, and is beyond the scope of this 
paper. 

Although disturbance to the shaft toe area during construction is of little practical 
importance in soft rocks and clays (Sliwinski and Philpot, 1980), Sliwinski and Fleming 
(1984) concluded that in sands the end bearing contribution to the total load capacity is 
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extremely sensitive to construction induced soil disturbances. Therein, full scale load 
testing was used to verify the effectiveness of pressure grouting for mitigating these 
conditions. 

Clay. Post-grouting in clay produces only a minimal gain in end bearing governed by 
the amount of consolidation that can occur within the set time of the grout. The high 
pressures introduced by this method may only result in hydrofracture of  the soil matrix. 
Careful consideration would be needed so that the allowable end bearing contribution, 
even after grouting, would not exceed the creep limit of the clay at the grout bulb/soil 
interface. The most effective way of grouting in clay material would be to jet-grout, or 
deep-soil-mix under the shaft tip. While these are certainly viable options for 
remediating deep foundations in this soil type, it is not the focus of this paper. 

Rock. Grouting of fractured and soft rock formations with low strength grout in order 
to fill voids, fractures, seams, and solution channels is sometimes conducted to alleviate 
drilling problems associated with karst topography. However, this is usually 
accomplished prior to drilling, and is not the grouting technique that is discussed herein. 
These formations typically are incapable of consolidation or densification by effective 
stresses induced by compaction grouting. Further, permeation grouting of the macro 
inclusions is effectively accomplished by the concrete head during normal construction, 
as is evidenced by high concrete over-runs in such cavernous strata. 

Although grouting can effectively mitigate soft toe conditions caused by 
excessive construction debris/deposits at an excavation bottom for all soils, current 
quality control procedures for drilled shaft production already effectively address shaft 
bottom cleanliness for clay and rock during normal construction. Thus, only a marginal 
benefit would be realized in these conditions through the use of post-grouting. An 
exception may be where shaft bottom cleanliness is problematic due to extreme depths 
and time requirements such as the My Thuan Bridge Project, Vietnam (Dapp, 1998) or 
for cases where the capacity of shafts already constructed fall short of adequate (Logie, 
1984). 

Post-grouting can be effective in all soil types; however, research shows the 
greatest performance gain in cohesionless soils. As such, an ongoing study at the 
University of  South Florida, Tampa is concentrating on the effectiveness of  post-grouting 
in cohesionless soils (both sands and silt) with an emphasis on identifying the most 
effective grouting techniques. Effectiveness is evaluated by: (1) the final strain 
compatibility of the tip and skin friction components, (2) constructability, and (3) overall 
capacity gain. 

Uplift Considerations 

In general, upward movement of shafts during compaction grouting should be 
limited such that the frictional strength of the shaft is not developed beyond its ultimate 
value and into a lesser residual value. This is most critical in dense sand where there is 
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a pronounced loss of frictional resistance with large strains (Figure 4). Historically, 
uplift criteria have been limited to ranges from 2 mm (Stoker, 1983) to 20 mm 
(Bolognesi and Moretto 1973). Presently, in Taipei, a 3ram uplift criterion is in effect 
(Mullins, 1999). It is unclear, however, if these criteria were placed only on top-of-shaft 
movement or if the tip movement associated with elastic compression was also given a 
maximum permissible movement. Long shafts such as those in Taipei (80 m) can exhibit 
relatively large displacements at the tip without being detected at the top (and vice versa). 

Figure 4. Stress / strain ctu'ves for typical loose and dense sands (Holtz and Kovacs, 
1981). 

Essentially, the maximum amount of end bearing improvement is dependent on 
how much downward resistance the side friction component of the shaft can provide. As 
such, post-grouting can also be applied to the sides of the shaft to improve unit side 
friction values. This aides in providing downward restraint during the tip-grouting 
process (resisting uplift). This is of particular importance for shorter shafts, and as a 
consequence skin grouting has been employed to aide in providing reaction (e.g.Bauer 
system of pile grouting). Additional criteria of maximum grout volume (per stage) and 
minimum grout pressure are established based on reasonable cavity expansion and the 
anticipated tip performance, respectively. Figure 5 shows grout pressures that have been 
used on various sites throughout the world in relation to the shaft tip depth. 

Grouting Types 

Standard grouting techniques can be divided into two basic categories: 
permeation grouting and compaction grouting. Staged grouting procedures are often 
designed which have a combination of these two, first permeation and then compaction. 
There are also state-of-the-art techniques available for cohesive soils, such as jet grouting 
or deep soil mixing, which alter the soil type and structure without inducing significant 
effective stresses. 
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Figure 5. Tip grouting pressures used at various sites worldwide. 

Permeation Grouting. Permeation grouting uses a fluid grout which is highly mobile 
within the soil formation, and therefore travels through the void spaces without providing 
any significant compaction or densification of the surrounding soils. In this manner a 
very large zone of improved soil below the pile tip is developed. Careful adjustment of 
the water-to-cement ratio is used to control the mobility of the grout. The type of grout 
mix design is also crucial to achieve this mobility. For example Littlejohn (1983), at the 
Jeddah - Corniche Centre, first tried remediating substandard piles with the use of a 
cement grout in a dense sand profile interbedded with hard sandy silt. However, grout 
takes were very low, and the remediation technique failed. Subsequently, a low viscosity 
resorcinol formaldehyde grout was successfully used. 

Compaction Grouting. In contrast to permeation grouting, compaction grouting utilizes 
a thick, viscous, homogeneous, typically cementitious mass designed to remain together 
within the soil matrix. Generally there is a distinct interface between the soil and grout 
material, thus the insitu soil is consolidated and densified by cavity expansion of the 
grout bulb (Baker and Broderick, 1997). A typical compaction grouting mix design is 
shown in Table 1. However, this mix is recommended for minimum grout pipe 
diameters of 100ram. 
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Table 1. Typical Com] 

Description 

~action Grout Mix (Baker and Broderick, 1997) 

Quantity Standard Comment/Effect 

Sand 800-1000 kg ASTM C-33 Well graded, rounded edge, min. 
15% passing 0.075 mm sieve 

Cement 110-225 kg ASTM C-150 Control strength of mix, increase 
density of mix 

Flyash* 90-310 kg ASTM C-618 Improve pumpability,  increase 
density, reduce cement content 
required for mix, Class F or Class C 

Water 60-160 L Control slump 

Admixtures 1%-2% of Control set time, control shrinkage 
(optional) cement 

Depending on the fines available from the sand. 

Compaction grouting develops its own "filter cake" at the soil/grout interface which 
differs from the Bauer system of grouting where a mechanical grouting system uses steel 
plates and an impermeable cover or a liner embedded between the plates (discussed 
later). In either case, the mechanism of soil improvement is the same; the grout applies 
an effective stress to the soil, thus densifying it. A notable difference is that the simple 
compaction grouting (i.e., with a filter cake) is a uniform stress case at the pile tip, 
whereas the mechanical compaction system of steel plates provides a uniform strain 
condition. A potential benefit of compaction grouting the shaft tip is that this procedure 
could provide a means of proof testing shaft tip capacity during the compaction grouting 
procedure. 

Presently, a testing program is underway to quantify the effectiveness of pile tip 
grouting to improve end bearing in loose to medium dense sand. Therein, simple 
compaction grouting will be compared to compaction grouting with a mechanical 
compaction cell, and a combination of permeation and compaction grouting. 

Injection Techniques 

Grouting techniques vary in the mechanism by which the grout is dispensed 
beneath the shaft tip. Variations include whether to use: 
�9 stem, orifice, tube-a-manchette, or mechanical distribution system 
�9 a gravel pack beneath the tip to aide in distribution of grout 
�9 fixed or floating distribution system 
�9 permeation, compaction, or a staged combination. 
Two basic distribution systems are mainly used: (1) simple compaction grouting in which 
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the tube-a-manchette system employs a network of exposed grout tips, and (2) the 
mechanical grouting system in which the Bauer-type system of one or two steel plates 
with an impermeable membrane is used. Although both systems can be used in a wide 
variety of soils, the membrane-type mechanisms minimize hydro-fracture grout losses 
more common with tube-a-manchettes used in weakly layered soils. 

The tube-a-manchette has several variations, but is primarily a simple pipe 
network across the bottom of the shaft pre-drilled along its length on the bottom face and 
connected to grout tubes to the top of shaft. The pipes are wrapped in a rubber 
membrane at the location of the holes to prevent blockage of grout passage during normal 
shaft construction where the tubes become completely encased in concrete. A problem 
with fixed tube-a-manchette systems is that the grouting must be accomplished 
immediately after the concrete has set (24 to 48 hours), while its strength is still low 
enough to burst the encapsulation. A simple tube-a-manchette system fixed to the cage 
and resting on the bottom of the excavation was used in the shafts supporting a major 
cable stay bridge in Thailand in 1985, as shown in Figure 6. A similar configuration has 
recently been used for the foundations supporting the cable-stay bridge over the Mekong 
River in Vietnam (Dapp, 1998). Presently, at the Taipei Financial Center project in 
Taiwan, an adaptation is being employed that closely contours the pipe network to the 
shaft bottom (Figure 7). The shape resembles the reverse circulation cutting tool and 
minimizes the concrete cover between the grout pipes and the shaft bottom. 

Figure 6. Simple tube-a-manchette compaction grout apparatus (after Bruce, 1986). 

Complications can arise if the excavation depth is lower than the tube-a- 
manchette elevation. In such instances, the grout pressure is unable to break the 
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encapsulation and modify the soil. Such was the case when the first 90 m deep 
excavation in Vietnam was inadvertently over-excavated by 0.5m by way of extensive 
clean out procedures. This caused the tube-a-manchette to be embedded in an extra 0.5m 
of concrete. To avoid this problem, floating tube-a-manchettes were used for subsequent 
shafts which used slip joints allowing the distribution system to adjust to the actual 
bottom of excavation elevation. Other systems have used flexible grout hoses to 
overcome this problem. It is thus recommended that suspending the tube-a-manchette, 
by either method, should be considered necessary for proper steel placement of extremely 
long shafts where cage length and excavation depths may not be consistent. 

Plan View Profile View 

- -  Neoprene Sleeves 

Bottom of Excavation ~ 

Figure 7. Tube-a-manchette system used in Taipei, Taiwan (Mullins, 1999). 

Sliwinski and Fleming (1984) described first placing a gravel plug in the 
excavation, then the tube-a-manchette with a steel plate above (both suspended from the 
cage). This configuration is shown in Figure 8. The steel plate has the benefits of 
isolating the tube-a-manchette and gravel plug from the concrete so that the post-grouting 
process can take place after the concrete has gained design strength, the tube-a-manchette 
is protected from the tremie during concreting operations, and the steel plate gravel 
interface provides a consistent bearing surface for the compaction grouting pressure to 
act against (important for proof testing aspects). The gravel is beneficial for both 
permeation and compaction grouting by exposing more soil interface to the grout, as well 
as providing aggregate to knit the soil bulb together directly below the shaft tip. 

Lizzi (1981) discussed a mechanism consisting of two steel plates separated by 
mechanical spacers (to allow grout pressure to initially act upon the full face of the 
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12 DEEP FOUNDATIONS 

Figure 8. U-shaped grouting cell positioned at bottom of excavation (after Sliwinski and 
Fleming, 1984). 

plates). This technique is similar to the Bauer system of tip grouting used on the Jedda- 
Mecca Expressway (Bruce, 1983) and the Brooklyn Queen's Expressway (1988). The 

Plan View Profile View 

S O  ~ " ~ ' ~  je..q,i! ,n pipes 

\o o oO o / 5 - ~ ~ ,  
o o ' ~ ; E ; . ~  ........ \ "  

Impermeable cover 

Figure 9. Mechanical compaction grout apparatus (from Lizzi, 1981) 
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DEEP FOUNDATIONS 13 

difference is that Lizzi had the plates covered with an impermeable liner to ensure that 
separation of grout injection ports and concrete was maintained (see Figure 9). The 
impermeable iiner ensured that no permeation into the surrounding soil occurred. 
Consideration can also be given as to whether a gravel pack should be included between 
the two plates, as was discussed in the early work by Bolognesi and Moretto in Paranah 
River (1973), shown in Figure 10. The benefit of the gravel pack again is as stated 

Figure 10. Gravel pack between two steel plates (after Bolognesi and Moretto, 1973). 

above; however, this configuration must be suspended from, and lowered into the 
excavation with the cage which could become extremely cumbersome in a production- 
oriented setting. 

Scope of Testing and Research 

To investigate the various mechanisms of post-grouting and evaluate their effects 
on shaft performance, the University of South Florida, Tampa is presently conducting 
concurrent laboratory and full-scale testing on post-grouted drilled shafts. The laboratory 
component is looking at parameters such as: grout bulb formation, strength gains, grout 
mechanisms, and residual stress states after grouting; whereas the field component is 
addressing issues such as constructability, applicable mechanisms, mechanism durability, 
maintaining production, as well as strength gain and design recommendations. 

The laboratory testing is being conducted using a relatively new device called a 
Frustum Confining Vessel (FCV) which provides a method of physically modeling pile- 
type insitu stresses on small-scale piles without the use of a centrifuge. The device, 
developed by Berminghammer Foundation Equipment in conjunction with McMaster 
University (Sedran, 1999), is a conical-shaped steel vessel in which sands are placed and 
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14 DEEP FOUNDATIONS 

stressed as shown in Figure 11. The resulting vertical and horizontal stress distributions 
are reasonably similar to those of full-scale prototype piles. In the control volume 
portion of the FCV stresses are distributed similar to those encountered in the field. 
Some significant advantages of the FCV with respect to other physical modeling methods 
are the simplicity of testing, relatively low cost, and its ability to model relatively large 
model piles (e.g. 1 m long, 100 mm diameter). 

Figure 11. Frustum Confining Vessel used for physical modeling of pile load tests 
(after Sedran, 1999). 

Specifically, post-grouting model piles/shafts requires overburden pressures that 
provide adequate reaction to pre-load the soil beneath the tip. Furthermore, the effects 
of scaling the size of the shaft will require additional foundation mass to restrain the 
upward movement of the shaft. Although scaling parameters require close attention to 
conduct meaningful load testing, the initial goal is merely to show the formation of the 
grout bulb at various relative densities for the sand. Subsequent load testing of post- 
grouted model shafts in the FCV is an added benefit that will afford interesting results. 

The performance of post-grouted shafts is largely dependant on the strain 
compatibility of the tip and skin resistance. Additionally, for post-grouting to be fully 
beneficial, the soil must be returned to an unstressed state at the completion of the 
grouting process to remove locked-in stresses from negative skin friction. The benefit 
from post-grouting is therefore derived from the improved stiffness associated with 
reloading. The effects of residual stress are being investigated by maintaining various 
grout pressures during the curing of the grout and then testing the capacity of these model 
shafts. Instrumentation is included within the model shafts to confirm the state of stress 
locked into the soil. 
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The full scale portion of the program presently involves two sites where drilled 
shafts are being installed with post-grouting mechanisms. The first site has eight 
relatively short shafts, 5 meters long, installed in loose to medium dense silty sand that 
will be used to investigate both the effects of tip grouting as well as skin grouting. Four 
shafts will be installed with only tip grout mechanisms (similar to those in Figures 6, 8, 
and 9), two with tip and skin grouting, and two with no grouting systems as a controls. 
Figure 12 shows three variations of grouting mechanisms currently in use at the 
University of South Florida test site, 

Figure 12. Post grouting mechanism used at the first site. 

The second site has three proposed test shafts in sand and limestone involving 
five 30MN load tests. Due to the variable nature of the site, post-grouting has been 
selected for shafts tipped in sand to reduce their length. Two of the shafts will be tested 
prior to post-grouting and then subsequently after post-grouting for direct comparison. 
The third shaft will only be tested without grout effects. The tip grout mechanism will 
be selected based on the performance evaluation of the previous site. All shafts from 
both sites will be fully strain instrumented and continuously monitored to determine the 
distribution of load and the presence of residual stresses throughout the load test/post- 
grout/load test procedures. 

Summary 

Pressure grouting drilled shaft tips (post-grouting) has been successfully 
employed throughout the world for over thirty years with surprisingly little use within the 

Downloaded 25 Sep 2009 to 131.247.9.208. Redistribution subject to ASCE license or copyright; see http://www.ascelibrary.org

                     522



16 DEEP FOUNDATIONS 

United States. Recently, the FDOT has contracted research to investigate the parameters 
affecting its performance and to develop recommendations and guidelines for its use on 
Florida roadway projects. The method provides a means by which to mitigate many of 
the factors that presently exclude the contribution of the end bearing from the useful shaft 
capacity (e.g. toe cleanliness). Presently, researchers at the University of South Florida 
are examining many of the considerations designers will need to address for its eventual 
use. By including significant end bearing contributions into the useful capacity, the 
design of drilled shafts can be drastically improved. Moreover, this inexpensive 
procedure could directly provide test results for every shaft installed. 
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This paper presents results from a two-year exposure study to
evaluate the durability of the epoxy bond formed with concrete
and carbon fiber-reinforced polymers (CFRP) in a marine envi-
ronment. Twenty-four unstressed slab specimens were used to
investigate five different epoxy systems exposed to four different
environments. Five of the 24 specimens—one for each epoxy
system—were controls kept in an air-conditioned laboratory.
The remaining 19 slabs were exposed to one of three environ-
ments: a) wet/dry cycles in salt water; b) combined wet/dry and
thermal cycles in salt water; and c) outdoor. Long-term perfor-
mance was evaluated both qualitatively, that is, visual inspec-
tion, and quantitatively from destructive shear and tension tests
conducted at the end of the exposure period. The results
showed there was some deterioration in bond, particularly in
specimens exposed to wet/dry cycles. This could be more readily
detected by destructive testing rather than visual inspection.
Overall, the results are promising and suggest that several com-
peting epoxy systems are likely to be durable in Florida’s harsh
marine environment.

Keywords: bond; carbon; concretes; durability; tension; torsion.

INTRODUCTION
Carbon fiber-reinforced polymer (CFRP) material is in-

creasingly being used for the repair and rehabilitation of flex-
ural concrete elements in buildings and bridges. 1,2 In this
method, the CFRP material is bonded to the concrete  surface
using epoxy adhesives. As the load is transferred to the CFRP
material by epoxy, the durability of its bond with concrete is crit-
ically important for the integrity and safety of the repaired struc-
ture. 

Information on the long-term durability of CFRP/epoxy/
concrete bond is relatively scarce. Product literature some-
times contains data that purports to provide evidence of satisfac-
tory performance, although testing details are seldom included.3

Recently, results of exposure tests on CFRP sheeting material
were reported at ICCI ‘98.4-5 In one of the two studies presented,
CFRP sheeting material was exposed to 300 wet/dry cycles (com-
pleted in 150 days) and 50 freezing-thawing cycles (completed
over 50 days). Tensile tests conducted at the end of the exposure
period indicated that there was no degradation in one type of
CFRP material tested. The second CFRP type, however, regis-
tered a 10% reduction in tensile strength under wet/dry cycles.4 

The second study provided interim results from a more elaborate
on-going investigation.5 In the study, 12 composite overwrap sys-
tems intended for seismic retrofitting were being examined for
durability qualification. Of the 12, nine were carbon and three
were glass fiber composites. Exposure consisted of several
different environments including 100% humidity, salt water,
alkali solution, diesel fuel, ultra-violet light, elevated tempera-
ture (60 C), and cyclic freezing-thawing conditions. Results pre-
sented following 3000 h of a 10,000 h exposure program
showed that the majority of the systems tested had excellent du-

rability, although minor reduction in CFRP tensile strength (<
10%) was observed due to saltwater exposure.

Although the two studies provide useful data, their focus was pri-
marily on the effects of exposure on the degradation in material
properties, not the bond between concrete, epoxy, and the CFRP
sheet material. Indeed, the authors of the second study remarked
that “a strong adhesive bond between the composite and the con-
crete is probably not required” because the wrapping encases the
column and its function is largely to provide confinement in the
event of an earthquake.5 Thus, these results are of limited value
in flexural applications where the durability of CFRP/epoxy/
concrete bond is much more critical.

In 1995, the University of South Florida commenced a 24 month
exposure study to evaluate the long-term durability of the
CFRP/epoxy bond system in a marine environment. In the
study, five different epoxy systems were investigated with spec-
imens exposed to four different environments. At the end of the
exposure phase, all specimens were carefully inspected for evi-
dence of bond deterioration. Subsequently, destructive tests were
conducted to evaluate the bond under tension and shear. This paper
summarizes the principal findings from this study.

PROBLEM STATEMENT
An essential requirement for successful performance of

CFRP strengthened structures is the physical and chemical com-
patibility between concrete and the adhesive material used for
bonding. If incompatibilities exist, internal stresses develop that
can lead to a weakening of the long-term CFRP/epoxy/concrete
bond.

When epoxy is used to bond CFRP material to concrete, both
physical and chemical incompatibilities are introduced. Physical
incompatibility stems from a mismatch in the coefficient  of
thermal expansion between epoxy, CFRP, and concrete; for ex-
ample, the coefficient of thermal expansion for epoxy, reported
as 44-120 × 10-6 per C,6 is several times greater than concrete
that varies between 6-13 × 10-6 per C depending on aggregate.7

This suggests that if a CFRP-strengthened structure is subjected
to large temperature variations, its performance may be im-
paired. Records from the National Climatic Data Center,
Asheville, N. C., show that over the past 50 years several re-
gions in Florida have experienced a significant temperature
change, such as Pensacola, Fla., recorded a temperature range in
excess of 55 C.8 Thus, temperature variation encountered under
normal service conditions can adversely affect the CFRP/ep-
oxy/concrete bond.

Chemical incompatibility can stem from permeability dif-
ferences between concrete and epoxy. The permeability of
concrete depends on a number of factors, most notably its wa-
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ter/cement ratio (w/c).9 In applications involving flexural mem-
bers, permeabilities are likely to be much higher because of
cracking. Mismatches in permeabilities result in accelerated
corrosion of steel in chloride-contaminated concrete. The re-
sulting volume increase can set up internal stresses that can lead
to debonding of the CFRP sheet material. 

Information on long-term moisture absorption characteristics
of CFRP/epoxy/concrete systems in harsh marine environments
is very limited. What is known, however, is that moisture absorp-
tion increases under wet/dry cycles because of progressive micro-
structure damage.10 A measure of absorption levels can be
obtained from recently published test results that showed that
CFRP/epoxy composites absorbed 1% moisture by weight after 9
years of exposure in outdoor tropical environments.11

It is evident that both temperature increase and moisture ab-
sorption lead to volume increases at the epoxy/concrete inter-
face. More importantly, under normal service conditions both
effects act simultaneously. Therefore, the combined effect of
wet/dry cycles and thermal cycles on the CFRP/epoxy/concrete
bond is of critical importance and needs to be carefully evaluat-
ed. This was an important objective of the study.

OBJECTIVES
The objective of the study was to assess the likely long-term

performance of epoxy systems that had actually been used to re-
pair bridge elements in the State of Florida. An equally important
objective was to quantify bond deterioration in terms of residual

strength so as to provide a measure of the degradation caused by
exposure.

The primary objectives of the study can be summarized as
follows:

1. To investigate the performance of five different epoxy sys-
tems used for bonding CFRP to concrete in conditions character-
istic of marine environments.

2. To quantify the degradation in bond strength in terms of
changes in tensile and shear resistance relative to that of unex-
posed controls.

As surface preparation and workmanship are critical parame-
ters for bond integrity, their role in the performance of the CFRP/
epoxy/concrete bond was also examined.

RESEARCH SIGNIFICANCE
This paper provides unique results relating to the exposure of

five different epoxy systems to different environments character-
istic of the application of CFRP for the external repair of highway
structures in subtropical environments. The study is believed to
be the first to quantify bond degradation in terms of changes in
tension/shear strength at the bond line.

EXPERIMENTAL PROGRAM
Specimens

Two different carbon fibers—bidirectional woven fabric and
unidirectional carbon fiber prepreg sheets—were investigated in
the study. A total of 24 specimens were prepared by bonding the
two carbon-fiber types to concrete slabs using five different ep-
oxy systems (Table 1). These systems identified by the Roman
numerals I-V comprised commercially developed systems as well
as others that were under development.

Although there are subtle differences in the manufacturer’s in-
stallation procedures, the basic steps are as follows:

1. Grind/abrade the concrete surface to remove debris or coat-
ings, to level the surface, and to form a radius on corners when
wrapping CFRP around sharp edges.

2. Coat the dry clean surface with the respective manufacturer-
supplied epoxy-based primer.

3. Fill voids with an epoxy-based putty (optional).
4. Roll on an undercoating of epoxy resin to all bond surfaces.

Rajan Sen is the Samuel and Julia Flom Professor in Civil and Environmental Engi-
neering at the University of South Florida, Tampa, Fla. He is a member of ACI Commit-
tee 440, Fiber-Reinforced Polymer Reinforcement.
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440, Fiber-Reinforced Polymer Reinforcement.

Gray Mullins  is an assistant professor in the Department of Civil and Environmental
Engineering at the University of South Florida.
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He received his MSCE in civil engineering at the University of South Florida, in 1997.

Fig. 1—Defects in as-received specimens.
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5. Cut-to-size, align, and install the carbon fiber sheets roll-
ing out any entrapped air bubbles (note: keep sheet sizes man-
ageable).

6. Roll on a generous topcoat of epoxy resin to seal in and ful-
ly saturate the carbon fiber sheets.

All specimens were prepared by the Florida Department of
Transportation in Tallahassee and shipped to the University of
South Florida where the testing was carried out. The concrete
slabs were each 455 x 455 mm in plan with the thickness varying
between 75 and 95 mm. Details of the specimens are summa-
rized in Table 1. Inspection of Table 1 shows that both single-
layer and double-layer applications were considered for each
type of carbon fiber. 

Initial inspection
Before exposure, all specimens were carefully inspected to iden-

tify and catalogue any existing defects. No evidence of debonding
could be detected; however, minor defects were found at the
CFRP/concrete corners and edges in four specimens from the
FAH2 and FAHP2 series. These are shown in Fig. 1.

Exposure
Four different exposures were investigated. These were: a)

combined wet/dry cycles and hot/cold cycles in 5% salt-water
termed bond; b) wet/dry cycles in 15% salt water termed dura-
bility; c) outdoor conditions, termed outdoor; and d) air-condi-
tioned laboratory termed control.

Exposures (a) and (b) were identical to that used recently to
investigate the durability of CFRP pretensioned beam ele-
ments.12-13 Unlike the beam specimens, however, there was no
splash-zone and the slab specimens were either completely sub-
merged or completely dry during the wet/dry cycles.

In the bond exposure, saltwater in the tanks containing the slab
specimens was heated to 60 C at high tide. At low tide, the tank was
left uncovered to allow for rapid humidity and temperature change.
Figure 2 shows the variation in the saltwater temperature with
time. Inspection of Fig. 2 shows that during a cold spell around
March 10, the temperature range was at its most extreme. Much
smaller ranges were recorded towards the end of the month
when ambient temperatures were higher.

RESULTS
The durability and bond exposures had to be terminated af-

ter 17 months because of technical problems  associated with
the hot/cold cycles. At this time, all 24 specimens were reinspect-
ed for signs of deterioration of the CFRP/epoxy/concrete bond.
This provided a qualitative in-place measure of the state of bond
after exposure.

To provide a quantitative measure of degradation, two devices
were developed to measure the tensile and shear capacity of the
CFRP/epoxy/concrete bond.14 These devices took six months to
perfect, during which time the outdoor and laboratory exposures
continued. At the end of this period, all 24 specimens were tested
to determine their tensile and shear bond strength. Thus, the qual-

Table 1—Specimen details

Epoxy system Identifier No. of specimens
Carbon fiber 

type
No. of carbon 

layers

I FA2 6 Bidirectional 1 or 2

II FAHP2 4 Bidirectional 2

III FAH2 6 Bidirectional 1

IV T2 4 Unidirectional 1 or 2

V MP2 4 Unidirectional 1 or 2

Fig. 2—Typical temperature time history of bond exposure spec-

Fig. 3—Deterioration in epoxy bond due to 17 months exposure.
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itative results relate to 17 months of exposure for all specimens.
The quantitative results, however, relate to 17 months exposure
for the durability and bond specimens (with an additional six-
month outdoor exposure before testing), and 23 months of contin-
uous exposure for the outdoor and control specimens.

Qualitative observations
Deterioration in bond was only observed in the four specimens

identified as having initial defects. Exposure generally resulted in
increases in the extent of the initial defect. The most extensive in-
crease was recorded for specimen FAHP2-3 exposed to wet/dry
cycles. Only the specimens having bidirectional CFRP fabric ex-
perienced deterioration. Details are in Table 2 and Fig. 3.

Quantitative results
To obtain a quantitative measure of bond degradation, de-

structive torsion and tension tests were conducted on all 24
specimens. In the tests, a 50 mm metal disk called a dolly was

bonded to the CFRP surface using epoxy and a water-flushed, dia-
mond-tipped core barrel was used to score around the metal disk
through the CFRP (Fig. 4 through 6). Each dolly was either sub-
jected to tension or torsion. Center-drilled and tapped dollies
were used for tension tests; all others were equipped with a hex-
agonal upper surface for torsional shear tests. Figure 4 shows
nine dollies bonded to the CFRP-covered concrete. Five of the
nine were prepared for tension testing, the other four for torsion
testing (hexagonal upper surface).

The tests were conducted using specialized devices devel-
oped at the University of South Florida (Fig. 7 and 8). Torsional
shear stresses were induced at the bond line by applying a torque
to the dolly via a 25 mm diameter instrumented shaft that was in
turn connected to a hydraulically activated lever arm. The torque
was continuously monitored with a MEGADAC Series 5100
computerized data acquisition system. The failure torque (T)
was then used to determine the maximum torsional shear stress
(τ) at the outer radius (r) of the dolly (where τ = Tr/J and J is the
polar moment of inertia of the dolly). Uniaxial tension tests
were also monitored in a similar fashion, but used an axial load
cell, LVDT, and a portable hand-operated tension frame; the
peak axial stress was determined by calculating the quotient of
the peak load and the dolly surface area. Complete details on
these devices and procedures used may be found else-
where.14,15

Under the action of tensile or shear loads, five different fail-
ure modes can occur (see Fig. 9). These are: 1) debonding of the
dolly—this means that the strength of the epoxy bond between
the dolly and the CFRP material was too low; 2) complete deb-

Fig. 5—Scoring CFRP.

Fig. 4—Tension and torsion dollies bonded to CFRP.

Fig. 6—Bonded dolly and scored CFRP.

Table 2—Summary of 17 months qualitative results

Identifier Exposure Epoxy Defective Comments

FAH2-1 Durability 
(Fig. 3(a))

III Yes Slight increase in extent of 
debonding

FAHP2-1 Bond
(Fig. 3(b)) II Yes Separation of layers from 

location of initial flaw

FAH2-3 Bond 
(Fig. 3(c)) III Yes

Propagation of debonding 
and fracture of CFRP from 
location of original defect

FAHP2-3
Durability
(Fig. 3(d)) II Yes

Greatest increase in extent 
of separation between two 
layers from location of ini-

tial flaw
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onding of the CFRP from the concrete—this gives the bond
strength; 3) partial debonding of the CFRP/concrete bond; 4)
separation of the CFRP layers—this indicates that bond be-
tween the two CFRP layers was weaker than the epoxy/con-
crete bond—only possible for FA2, FAHP2, T2, and MP2 series
(see Table 1) where two layers were present; and (5) failure in
the concrete—this only indicates that the epoxy bond was at
least as strong as the concrete. 

Tension and torsion tests were conducted on all 24 specimens
including the five controls. On an average, two tension and two
torsion tests were carried out on each specimen. Altogether, a
total of over 100 tests were carried out. The test results for all
the specimens are summarized in Table 3. For each specimen,
an estimate of the extent of debonding where partial debonding
was observed is provided (see Fig. 9[c]). Additionally, the ten-
sile load, the torsional moment, the corresponding computed
stresses at the bond line, and average tensile and shear stress
values are also included.

Compared to the qualitative results where degradation was
only observed in specimens that were blemished before expo-
sure (see Table 2), the quantitative results provided evidence
of deterioration in an additional fourteen specimens. Several
specimens from the bond (FA2-1, FA2-3, FAHP2-1) and dura-
bility (FAH2-4) exposures debonded completely under both
tensile loads and torsional moments. Durability specimen
FAHP2-3 completely debonded in tension and would most
likely have debonded in torsion; however, the sheets were too
badly separated to prepare a torsion sample (see Fig. 3). In addi-
tion, one specimen exposed outdoors (FA2-4) also debonded
completely under torsion.

None of the five controls debonded completely under shear or
torsion. Three control specimens experienced only partial deb-
onding under tension loads (FA2-6, FAHP2-2, MP2-1) and
one (FA2-6) under torsional moment. In cases of partial deb-
onding, the surface of the concrete was found to be uneven and
the epoxy remained in the debonded locations (Fig. 10). This in-
dicated that partial debonding may have been the result of the
CFRP not being bonded to the concrete surface in the first place.
In contrast, the exposed concrete surface in cases of complete
debonding was found to be smooth (see Fig. 11).

It is evident that where failure occurred in the concrete, no
estimate can be made of the extent of degradation in the ep-
oxy/concrete bond.  Where there was partial or complete deb-
onding, however, a measure of degradation can be obtained by
comparing the relative failure loads of the exposed and control
specimens. Such an assessment makes the important assump-
tion that all specimens belonging to the same series were iden-
tically prepared and were bonded to identical slabs having the
same tensile and shear strengths.

The average results of the tension and torsion tests in Table 3
have been replotted in Fig. 12 through 16 to provide an assess-
ment of the extent of degradation in the epoxy/CFRP bond due
to exposure. In these plots, the residual bond strength of the ex-
posed specimens is the ratio of its failure load to that of the con-
trol when there was some evidence of debonding, for example,
FA2-1 had a residual strength of 86% in tension because it failed
at a load of 6.7 kN compared with 7.8 kN for the control. Simi-
larly, its residual torsional resistance is 60% (ratio of 176 N-m
to 294 N-m for the control). Where there was no debonding,
however, the residual strength was taken as unity, that is, T2-4.
In this case, the test results simply showed that the bond strength
still exceeded the concrete strength.

Inspection of Fig. 12 through 16 indicates that, compared with
the controls, there was some degradation in the epoxy/concrete
bond in all exposures with the exception of specimen FAHP2-4

Fig. 7—Torsional shear apparatus.

Fig. 8—Tension test apparatus.

Fig. 9—Possible failure modes: (a) dolly bonded; (b) epoxy bonded; (c) partial debonded; (d) sheet separation; and (e) concrete fail-
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(Fig. 13) and all the T2 specimens (Fig. 15). This is in marked
contrast to the results from visual inspection where similar deg-
radation could not be discerned.

The overall trend in bond degradation for all  the specimens rel-
ative to that of the controls is shown in Fig. 17. Inspection of Fig.
17 shows that exposure to wet/dry cycles (in the bond or durabil-
ity exposures) tended to lead to greater degradation than outdoor
exposure. This suggests that moisture absorption, not the mis-
match in the thermal expansion coefficients between the CFRP,
epoxy, and concrete, was more critical for long-term perfor-
mance. A similar finding was also made in the exposure tests car-
ried out on CFRP pretensioned beam specimens.12-13

DISCUSSION
This paper presents results from a study that attempted to eval-

uate the extent of degradation in the CFRP/epoxy/concrete bond
in five epoxy systems that had been exposed to four different en-
vironments simulating a range of indoor and outdoor applica-
tions. In the investigation, bond degradation was evaluated on the
basis of both visual inspection and destructive testing.

Visual examination led to the detection of degradation in only
four specimens—two each from the bond and durability expo-
sures that had been identified as blemished before exposure
(Fig. 1). No deterioration was found in any of the controls or the
outdoor specimens that had been exposed for a longer period. In
contrast, destructive tension and shear tests detected degrada-
tion in an additional fourteen specimens including 60% of con-
trol and outdoor specimens (Table 3). Bond degradation could

not be determined in six of the 24 specimens as the residual bond
strength exceeded the concrete strength. It is evident, therefore,
that visual examination may not be reliable in identifying bond
degradation.

It can be tempting to rank the performance of the various epoxy
systems on the basis of the results obtained from the study. Such
a ranking would be valid if all specimens tested had been pre-
pared exactly in accordance with the manufacturer’s recommen-
dations. Examination of the failure interface obtained from
tension and shear tests showing partial debonding and fiber
separation provide compelling evidence to the contrary. This
indicated that despite laboratory conditions, surface prepara-
tion had been improper in some cases; partial debonding was
generally the result of an uneven concrete surface and was a di-

Fig. 12—Performance of epoxy System I.

Fig. 11—Complete debonding.

Fig. 10—Partial debonding.

Fig. 14—Performance of epoxy System III.

Fig. 13—Performance of epoxy System II.
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Table 3—Summary of results
Identifier Epoxy Exposure Tension Torsion

kN σ* (MPa) σavg (MPa) % debond Average % 
debond N-m τ* (MPa) τavg (MPa) % debond Average % 

debond

FA2-6 I Control

7.7 3.8

3.9

40

33

369 14.3

11.4

0

257.0 3.4 30 220 8.5 50

8.8 4.3 30

FA2-1 I Bond
5.3 2.6

3.3
100

100
172 6.7

6.8
100

100
8.2 4.0 100 179 6.9 100

FA2-3 I Bond
5.5 2.7

2.8
100

100
248 9.6

9.1
100

100
6.0 3.0 100 222 8.6 100

FA2-2 I Durability
9.1 4.5

4.3
20

30
271 10.5

8.6
70

55
8.3 4.1 40 174 6.7 40

FA2-5 I Durability
1.9 0.9

1.8
100

80
153 6.0

6.8
30

35
5.5 2.7 60 195 7.6 40

FA2-4 I Outdoor

8.9 4.4

3.8

90

77

270 10.5

9.6

100

1005.1 2.5 100 222 8.6 100

9.2 4.5 40

FAHP2-2 II Control
11.8 5.8

5.4
0

25
339 13.2

13.0
0

0
9.8 4.9 50 331 12.9 0

FAHP2-1 II Bond
3.0 1.5 2.1

(4.3)

100
100 168 6.5 6.5 100 100

5.6 2.8 100

FAHP2-3 II Durability
4.2 2.1

2.4
100

100 No sample left to be tested
5.3 2.6 100

FAHP2-4 II Outdoor

4.9 2.4

3.2

50

17 248 9.6 9.6 0 08.2 4.1 0

7.2 3.5 0

FAH2-2 III Control
8.6 4.2

3.5
0

0
232 9.0

9.8
0

0
5.6 2.8 0 274 10.6 0

FAH2-3 III Bond

6.8 3.4

3.4

40

13

277 10.7

10.8

50

456.7 3.3 0 281 10.9 40

7.4 3.6 0

FAH2-5 III Bond
9.3 4.6

4.4
100

95
346 13.4

13.3
60

60
8.7 4.3 90 340 13.2 60

FAH2-1 III Durability
13.2 6.5

6.2
10

5
359 14.0

16.2
0

0
11.9 5.9 0 475 18.4 0

FAH2-4 III Durability

7.2 3.6

3.8

100

100

153 6.0

9.1

100

1008.3 4.1 100 226 8.8 100

323 12.5 100

FAH2-6 III Outdoor
9.2 4.6

4.4
70

60
353 13.7

14.0
0

0
8.5 4.2 50 370 14.4 0

T2-2 IV Control
12.2 6.0

5.8
0

0
452 17.5

16.5
0

0
11.5 5.7 0 400 15.5 0

T2-4 IV Bond
11.4 5.6

6.0
0

0
416 16.2

15.6
0

0
12.9 6.4 0 388 15.1 0

T2-3 IV Durability
13.0 6.5

5.6
0

0
410 15.9

16.3
0

0
9.6 4.7 0 430 16.7 0

T2-1 IV Outdoor
8.3 4.1

4.5
0

0
401 15.6

15.5
0

0
9.7 4.8 0 397 15.4 0

MP2-1 V Control

4.2 2.1

2.4

0

10

258 10.0

9.9

0

06.3 3.1 0 251 9.8 0

4.3 2.1 30

MP2-2 V Bond
10.2 5.0

3.3
0

0
85 3.3

6.1
0

0
3.2 1.6 0 231 9.0 0

MP2-3 V Durability

3.7 1.8

2.6

0

10

144 5.6

5.9

0

309.2 4.5 30 161 6.3 60

3.1 1.5 0

MP2-4 V Outdoor

3.5 1.7

2.4

0

0

400 15.5

9.6

0

309.7 4.8 0 94 3.6 60

1.4 0.7 0
*Note: σ = P/A, where A = 0.001963 m2; and t = Tr/J, where r = 0.025 m, J = 6.14E-7 m4.
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rect consequence of only partial contact between the CFRP and
epoxy. It is believed that had a filler material been used to smooth
the surface, results would have been better. Similarly, in cases of
sheet separation (Fig. 9) observed particularly in the MP2 speci-
mens (Epoxy System V), the carbon fibers in the first layer were
dry and had not been properly impregnated with resin.

In the testing, the specimens belonging to the T2 series fared
the best with no evidence of bond degradation from any of the
exposure schemes (Fig. 15). This, however, was attributed to
the visually apparent high quality of workmanship. It is con-
ceivable, however, that longer exposure times could eventually
degrade this bond to a detectable level, even though none could
be shown herein.

Although both tension and shear tests were conducted, the lat-
ter are more representative of stresses that typically need to be
transferred by the epoxy to the CFRP. The results indicated that
the computed failure stresses under shear were significantly
higher than those in tension (see Table 3), a trend observed in
similar tests on repaired concrete.16 As a result, whereas there
was partial or complete loss of bond in 18 tension test specimens,
only 12 of the same specimens failed in a similar manner in
shear (Table 3).

The disparity in failure stresses is not surprising given that
concrete’s shear strength exceeds its tensile strength. While the
tensile strength varies between 8 to 15% of concrete’s compres-
sive strength,17 the shear strength is estimated to be about 20
percent of the same value.18 Thus, the results of tensile bond
tests provide only a lower bound of the available bond strength
for flexural applications. For this reason, tensile bond failures
do not necessarily imply that bond is impaired for transferring
shear. 

Although the tension and shear tests carried out are destructive,
only a small area of the slab is affected. By reapplying the CFRP to
the location where it was removed and providing adequate lap
length, the original capacity can be restored.

CONCLUSIONS
This paper presents results from an exposure study in which

five different epoxy systems bonding CFRP to concrete were
evaluated. Exposure comprised four different environments
simulating indoor and outdoor conditions in tropical coastal re-
gions for a period ranging between 17 and 23 months. Both
qualitative and quantitative measures were used to evaluate the
CFRP/epoxy/concrete bond.

The following conclusions may be drawn:
1. Visual examination cannot recognize the full extent of

bond degradation. In the study, only four cases of bond degra-
dation were detected by visual examination, which were limited
to specimens that were blemished before exposure. This
amounted to only 22% (four out of 18) of the all specimens that
were found to have developed bond degradation. With respect

to workmanship, visual examination is a primary mechanism
for detecting flaws; postmortem inspection of partially and
completely debonded test specimens suggested that departures
from recommended installation procedures accounted for these
failures.

2. Destructive tension and torsion tests provide a more reli-
able measure of bond degradation not detectable from visual in-
spection. Tension testing caused debonding in more specimens
at lower failure stresses than torsion testing and consequently
provided more pessimistic measures of bond degradation.
Therefore, torsional shear testing that consistently produced
higher stresses at the bond line is more appropriate for detecting
bond degradation in flexural applications.

3. Bond degradation was least for outdoor exposure and
greatest under wet/dry cycles. This suggests that moisture ab-
sorption by the epoxy is potentially more detrimental to bond
durability where CFRP is used for repair.

4. Surface preparation and proper application of epoxy fol-
lowing recommended procedures is essential for the long-term
integrity of the CFRP/epoxy/concrete bond. In the tests, bond
deterioration was compounded at locations where there were
initial blemishes. Such damage can be readily detected from
careful visual and tactile inspection that should be routinely car-
ried out during repair.

Overall, the results are quite encouraging given the severity of
the exposure conditions investigated. The extreme temperature
range and humidity the specimens were subjected to are far
more severe than could be reasonably expected under normal
service conditions. In spite of this, bond degradation was mini-
mal, especially in specimens that had been prepared properly.
What is particularly gratifying is the satisfactory performance of
all the five disparate epoxy systems that were tested. This indi-

Fig. 16—Performance of epoxy System V.

Fig. 15—Performance of epoxy system IV. Fig. 17—Results summary.
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cates the availability of competing epoxy systems that can lead
to equally durable repairs under very harsh environments. Such
availability is likely to have a positive long-term effect on the
economy of repairs.

The durability of epoxy systems observed in this investiga-
tion is not altogether surprising. Epoxy’s crosslink structure
ensures high chemical resistance and makes it durable in ag-
gressive environments. In bridge applications, epoxy-bonded
steel plates have a long history of successful performance.19
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ABSTRACT: The Iowa Department of Transportation in conjunction with the Federal Highway
Administration performed a design phase Statnamic load test program on a drilled shaft
foundation for a series of four new bridges along 1-35/1-80 in Des Moines, Iowa. For research
purposes, high strain dynamic testing via a drop hammer was also performed. This paper
presents the results of Statnamic and high strain dynamic tests conducted at a drilled shaft test
site adjacent to the new 2’ Avenue Bridge. Load testing was performed on a single
instrumented 1.07 meter diameter drilled shaft 27.3 meters in length. The test shaft was
designed predominately for side shear in “Glacial Till”, gravelly sands and weathered shale.
End bearing in the weathered shale was also considered in the design. Internal instrumentation
consisted of 12 resistance strain gages and a toe accelerometer which were monitored during
Stalnamic and dynamic load testing. The paper discusses the results of each test method and
their applicability to drilled shaft load testing.

I INTRODUCTION

I .1 Project Background

A several mile corridor of 1-35/1-80 in Des Moines, Iowa is being widened. This construction
includes five existing structures that will be replaced with new larger structures four of which
will be founded on drilled shafts. The Iowa Department of Transportation in conjunction with
the Federal Highway Administration took an approach to this design which incorporated the
most contemporary design and construction technics. Recent drilled shaft designs in the area by
Iowa Department of Transportation were based on side shear and end bearing in the shale
formation. This design was to include side shear in the overburden soils locally termed “Glacial
Till” as well as the shale for two of the bridges. Shaft designs for the other two bridges will rely
on side shear in the glacial till and will not extend into the shale. The local database of drilled
shafi design parameters for glacial till was not specific enough to the construction methods
anticipated for this site. Therefore, a full scale load test program was organized and
implted To take full advantage of the load test program results, it was carried out early in
the design phase of the new sfructijres. The test site was selected adjacent to the existing 2”’
Avenue Bridge on the north side of Des Moines, Iowa shown Figure 1. The load test programalso allowed evaluation of site specific drilled shaft construction intricacies using the “wet hole”1TICthod mvolving polymer slurry admixture. The paper is limited to discussions of the load test
methods
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Stalnamic load testing was selected for this project for several technical and economical

reasons as follows: (1) It requires no special shaft construction procedures so installation is

more representative of production shaft construction, (2) The shaft is loaded entirely in

downward compression as will occur when the structure is placed on the foundation, thus load

and deflection of the shaft top is measured directly, (3) Load distribution within the shaft was

directly measured via strain gages mounted on the reinforcement cage, (4) Displacement of the

shaft toe was obtainable by casting an accelerometer in the shaft bottom, (5) Statnamic load

testing is non destructive, (6) It is set up faster and more economically than static load testing,

and (7) To compare this method to the cast in place bi-directional jack method used on an

adjacent drilled shaft site. There is an interesting irony to this projeët in that it was the first

Statnamic load test program performed by the Iowa Department of Transportation and it also

incorporated many firsts for Statnamic and high and low strain dynamic testing.

The Federal Highway Administration also saw this project as an excellent opportunity for

gaining data involving high strain dynamic testing, a testing technique widely used on driven

piles, on a fully instrumented drilled shaft. Drop weight testing was monitored concurrently

with a PDAJ’DLT® manufactured by The Netherlands Organization for Building and

Construction Research (TNO) and a PDA® manufactured by Pile Dynamics, Inc (PDI). The

internal strain and acceleration instrumentation was also nieasured during the drop weight

testing with a MEGADAC® 5 100 data acquisition system manufactured by Optim, Inc.

Shaft integrity was evaluated before and after all load testing sequences using several

methods including Crosshole Sonic Logging (CSL), Sonic Integrity Testing (SIT) and Pile

Integrity Testing (PIT). These test methods will not be discussed in this paper. The results will

only be used to backup some of the analysis and conclusions presented in this paper.

1 .2 Soil Conditions

A comprehensive geotechnical exploration was performed at this site by the Iowa Department

ofTransportation, part ofwhich included an SPT boring drilled at the precise location ofthe test

shaft. This boring is shown in Figure 2. Soils at this test site generally consist of a surficial layer

of silty clay, 5 meters in thickness. The upper 5 meters of silty clay will not be considered

foundation supporting material in the design. Below this, a mottled silty, sandy, clayey soil with

mtermittent gravel seams and boulders locally termed glacial till, is present from a depth of 5

meters extendmg to 19 meters below ground surface Fine sands, course gravely sands and

bouldery gravel was present to 25.75 meters in depth where the top of the shale formation WaS.’

SPT “N” values in the shale were 100 blows per 0.27 meters and 72 blows per 0.30 meterS. SFT

‘N values in the glacial till generally ranged from 10 to 20 blows per 0 30 meters

-- Location Map.
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Depth Below Shaft (meters) N
0.0_

_______

F I 0 Stiff Gray Brown
I .27 Silty Clay (CL)
2.0— 12

4.64 9
. I I Top of “Glacial Till”

Firm Gray Silty Glacial Clay (CL)
15

12

11

14

15

18

17

26 ‘ Very Firm Gray Sandy Glacial Clay

19.22 — . d with Gravel seams and Boulders (CL)
30
16 ) Dense Gray Fine to Medium Sand (SP-SW)
18 N?

100 ‘ Very Dense Coarse Gravelly Sand & Bouldery Gravel

2562 — • (SP-SW)-(GP-GW)
26.55 —

°• 100 Hard Gray Shale
27.30 72

S Embedded Strain Gages
! PDA - External Strain Gages & Accelerometers
0 Embedded Toe Accelerometer

Figure 2. Soil Test Boring.

I .3 Test Foundation Descr4ption

The test shaft diameter is 1.2 meters for the upper 2 meters as a result of surface casing and
assumed to be 1 .07 meters in diameter for the remaining length. The overall length is 27.3
meters. Drilled shafts were constructed using the “Wet Hole” technique with polymer slurry
admixture to stabilize the hole walls. Longfellow Drilling, Inc. used a Watson crane mounted
drill rig to power the cutting tools. Drilling tools with a 1 .04 meter diameter were used to
excavate the shaft. Several drilling tools were used to excavate the hole consisting of a single
flight auger for the glacial overburden soils, a core barrel for penetrating the bouldery material
and the single flight auger to excavate the shale material. A clean out bucket with scraper teeth
on the bottom was used to clean the shaft bottom prior to placement of the reinforcement cage.
Soundings of the shaft bottom were made with a weighted tape for depth determination and
estimate cleanliness of the hole bottom. The clean out bucket was used several times until a
reasonably sound bottom was felt with the weighted tape. The Contractor decided to install the
cage in two parts to closely simulate the methods anticipated for tight space constraints on the
Upcoming bridge work. Cage placement took approximately 4 hours. Weighted tape soundings
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after cage placement (prior to concrete placement) indicated sedimentation on the order of 100
mm in depth on the shaft bottom. Subsequent CSL test results support a soft bottom condition.
Load testing results also indicate poor end bearing resistance as a result of not cleaning the
bottom. It should be noted that a bottom cleanout procedure such as air lifting or a submersible
pump will be implemented for production shafts. Concrete was tremie placed with a pump truck.
The tremie pipe was lowered to the shaft bottom and plugged with a “nurf ball”. During
concreting, the tremie was raised slowly maintaining at least 3 meters below the top level of the
concrete. The shaft was over poured until clean concrete was observed at the shaft top. The top
of shaft was troweled smooth at the desired top elevation.

The instrumentation scheme consisted of four vertical levels of resistance strain
instrumentation installed on the test shaft reinforcement cage with three gages on each plane,
120 degrees apart for a total of 12 strain gages in the shaft. An accelerometer was mounted on
the cage adjacent to the lowest level of strain gages (0.6 meters above the shaft toe). The
instrumentation locations are shown in Figure 2.

1 .4 Statnamic Test Procedure

The Statnamic load test system provides a fast and economical method of achieving large
downward loads to foundations by “launching” a reaction mass upwards with the test shaft used
as a base for the system. During the launching ofthe mass upwards, an equal and opposite force
acts downward on the foundation according to Newton’s third law, which states that: “For every
action there is an equal and opposite reaction”. A mass “m” of 72,398 kg (5 percent of the
desired downward load) was used in this case. Upward acceleration “a” of the mass was
approximately 20 g’s. The theoretical downward load is 20 times the mass. The actual load is
measured directly with a calibrated load cell mounted on the shaft top. Shaft top displacements
are measured via a photovoltaic sensor mounted to the shaft top, excited with a laser reference
beam. Standard instrumentation also includes a shaft top accelerometer. Thus load,
displacement, acceleration, and velocity are directly measured at the shaft top. All of these
devices are a part ofthe patented Statnamic testing system and are monitored during a 0.4 to 0.6
second window encompassing the test duration using a high speed data acquisition system
sampling at 4000 Hz. A more detailed description of the test methodology and analysis method
is provided in references such as Brown (1994) and Middendorp (1992) as well as others.

In this case, as with most, standard Statnamic instrumentation was augmented with strain and
accelerometer instrumentation cast inside the foundation for determination of load distribution
and shaft toe displacement. The additional instrumentation as well as the Statnamic instruments
were monitored with the MEGADAC, which was interfaced with the FPDS Statnamic module.
This configuration provides very important redundancy in the measurements and also links the
strain gage and toe accelerometer data in time with the other measurements.

The Stathamic load testing was applied in two cycles, first to 5 MN (anticipated design load)
and then to 14 MN. This paper only focuses on the larger 14 MN Statnamic test because a
greater shaft capacity was mobilized in this test.

1 .5 High Strain Dynamic Test Procedure

High strain dynamic testing is a method used to quickly and economically evaluate manY
aspects of a pile driving process including: pile hammer performance, tension and compreSstofl
driving stresses, pile capacity, and pile integrity. On occasion, the system has been used to teSt

drilled shafts. The test is accomplished by attaching sets of strain gages and accelerometerS Ofl

opposite sides of the pile near the head using concrete anchors and bolts. During pile driving,

measurements of strain and acceleration are made in the region of the pile head for each

hammer impact using one of the commercially available data acquisition systems specificallY

designed for this type of testing. Strain and acceleration signals processed in the field betWeeTi
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I
each hammer blow are referred to as direct calculations. These calculations are based on

simplistic models to perform the calculations in the short time between each hammer impact.

Direct calculations of pile capacity are most commonly evaluated using the Case Method

approach. The field signals are stored and later subjected to rigorous post processing using

commercially available software packages such as TNODLT Signal Matching (TNODLT) and

CAse Pile Wave Analysis Program (CAPWAP). In this process, pile and soil data are modeled

and a calculation is carried out using the wave equation. The models describe the pile and soil

in terms of acceleration, velocity and displacement functions, using empirical parameters which

depend on soil properties. Using iterative methods in which the results of each analysis are

compared to the actual measured pile behavior, appropriate dynamic parameters are refmed and

the shaft and toe resistance estimated. The success of this procedure for predicting static

capacity is user dependent and the solution is not unique. The margin of error in testing drilled

shafts has a potential to be much greater than in driven piles due to the many unknown

properties of a cast in place foundation element.
The drop hammer used in this study consisted of two air hammer rams fastened together

having a total mass of 9050 kg’s (6787 kg’s and 2263 kg’s). The falling mass was guided by a

0.66 meter width, free swinging box lead section. No provisions for a fixed hammer to shaft

alignment were made. A cushion was used to protect the shaft from damaging stresses derived

from impact. The cushion was made of three steel disks 50 mm in thickness each over three

sheets of plywood 19 mm in thickness for a total thickness of 207 mm. A friction crane with

free fall capabilities was used to lift and drop the ram.
The upper 2 meters of the shaft (cased portion) was excavated to allow placement of external

strain gages and accelerometers. Eight square holes were cut in the casing to expose the

concrete for gage placement. Drop in anchors were installed in the concrete to allow fastening

of a total of 6 strain gages and 6 accelerometers from two separate PDA systems. The gages

were 1.27 meters below the shaft top.
A total of 7 impacts were monitored varying the drop height from 0.5 meters to 3 meters. The

paper focuses on blow number six since this was the highest energy blow.

2 TEST RESULTS .

2. 1 Statnamic Results

The derived static load versus displacement curve shown in Figure 3 was calculated using a
variation of the Unloading Point Method (UPM) (Middendorp et. al., 1992) involving the

average shaft acceleration and average shaft velocity rather than only the top values typically
used. The results indicate a mobilized static capacity of 14.25 MN with a maximum shaft top
deflection of 8.8 mm and a permanent set of only 3 mm. In this test case, the load/displacement
response is within the elastic realm of the pile/soil system similar to that which would be
observed from a static test not run to failure. Because the load/displacement response was
within the elastic range and shaft movement was very small, dynamic effects were minimal on
the maximum capacity. Correction for the dynamic effects, however, better describes the slope
of the elastic region of the pile/soil system.

The shaft bottom load/displacement is also shown in Figure 3 based on toe strain and toe
accelerometer measurements. The dynamic effects cf inertia are insignificant at the shaft bottom.
A maximum load of 1.2 MN is estimated at the shaft toe with a maximum displacement of 3
mm and a permanent displacement of 2.2 mm. The results also indicate residual load and
displacement after the test.
Shaft loads at each of the strain gage levels are presented in Figures 4 and 5 and were calculated
by the equation:

PEAE (1)
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where P is the load at stram gage location; is the average strain of the three gages at each
level; A is the assumed shaft cross sectional area; and E is assumed shaft equivalent elastic
modulus

This calculation is highly influenced by the shaft diameter and elastic modulus, which must be
estimated from as-built information and commonly accepted formula. Shaft top load and
displacement are direct measurements thus, not influenced by any ofthese factors.

Equivalent modulus values for these calculations were based on concrete cylinder break
strengths and the weighted average concrete and steel area. The ãoncrete modulus was
calculated using the American Concrete Institute (ACI) method:

E — 5000(fc)”2 (2)

where F is concrete elastic modulus; and fc is concrete compressive strength in MPa.

The fc values were obtained from concrete compressive strength tests performed within two
hours of Statnamic testing. An average f’c value of 27.03 MPa was used based on two cylinder
tests. The shaft diameter was assumed to be 1 .07 meters at the strain gage locations based on
the diameter of the drilling tools. The upper 2.0 meters of the shaft was cased and has a
diameter of 1.22 meters. The steel area was calculated based on a cage made of ten 25mm
vertical reinforcing bars and four 50 mm diameter Schedule 40 steel tubes. A steel modulus of
200 GPa was used. A shaft equivalent modulus of elasticity of 25.91 GPa was calculated for
each strain gage location. .

The forces from the strain measurements in Figures 4 and 5 were also corrected for dynamic
effects by performing a U.P.M. analysis at each level. The load distribution curve in Figure 4
was created by plotting values at various slices in time from Figure 5.
The Statnamic load test produced a compressive load lasting 120 milliseconds as shown in

Figure 5 (sign convention is compression negative). The load is applied in a linearly increaSing
manner then a controlled unloading takes place. Dividing the shaft length of 27.3 meters by an
assumed wave speed of 4000 m/s indicates a wave travel time (natural period) of 6.8

milliseconds. For this case, the duration of loading was around 17 to 1 8 times longer than the

natural period of the shaft. This long period dynamic loading has several interesting results. 01W

is that tensile stresses are non existent in a shaft of this length as shown in Figure 5. TeflShIC

Figure 3. Load vs Displacement.
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Figure 4. Load Distribution vs Depth.
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Figure 5. Forces From Load Cell and Strain Gages vs Time.

stress waves are not present with a load duration of more than 12 times the natural period of the
shaft (Middendorp, 1995). Secondly, the entire shaft is in compression during the test and
moves as a rigid body, like in a conventional static load test. Lastly, the shaft as a whole
undergoes translation during the compressive loading, thus minimal shaft accelerations and
VCIJjtjes are present. The measurements of shaft top and bottom accelerations, velocities, and
dtsplacerne are shown in Figures 6, 7, and 8. Figures 7 and 8 show that the top and bottom
accclcratjons and velocities are relatively small. They are also generally in phase. The slight
shift noted is due to the elastic compression of the shaft. The difference in magnitude of the
acCelerations, and velocities at the top and bottom are due to the soil not being loaded to full
Plastic deformation. The difference in displacement between top and bottom in Figure 8 is due
to thc elastic compression of the shaft soil/system. These measurements provide additional
lupport that in evaluation of Statnamic test data, it is correct to consider the mechanics of the
pile moving as a rigid body.
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Figure 6. Shaft Top and Bottom Acceleration vs Time.
t
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Figure 7. Shaft Top and Bottom Velocity vs Time.

2.2 High Strain Dynamic Test Results

2.2.1 Applicability to Cast in-Situ Piles

Interpretation of test results in this case is much more difficult for high strain dynamic tc

because the element tested was a drilled shaft. For driven piles, results have been shown to t

reliable because key pile properties can be determined in a controlled manner. For cast in

foundations like drilled shafts there are several uncertainties for high strain dynamic t

which can lead to considerable error in pile capacity prediction. These include properties

as modulus of elasticity, density, stress wave speed, pile shape and cross section. FurthL
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difficulties arise in high strain dynamic testing of cast in—situ piles because tension waves are

easily generated. Drilled shafts may become damaged since they are only conventionally

reinforced opposed to prestressed concrete piles which are designed to handle tension stresses

from driving. Thus, to prevent damage, testing must be stopped prior to mobilizing the large

displacements required to fail a drilled shaft. Additionally, the ram to pile alignment is very

difficult to control and bending stresses result from eccentric loading. Bending stresses can

cause damage and also complicate the analysis method.

With respect to capacity prediction, the only derivation assumption in the Case Method

equation is a linearly elastic uniform pile with constant cross section along its length. Therefore,

this method alone is not reliable for cast in place foundations. Complex models must be made

using TNODLT or CAPWAP to attempt any prediction. These models are also plagued by the

same unknown pile properties. The perplexities in assuming pile properties are compounded in

these models by unknown dynamic soil parameters such as damping and quakes. Results

produced by independent parties do not compare within the same margin of error for driven

piles because of these unknowns and the inherent non-unique solution.

2.2.2 Wave Speed Determination

The wave speed is one of the most pivotal pile properties and must be correctly determined or

large errors may result. A 10 percent error in wave speed results in a 20 percent error in

modulus and subsequent pile capacity and stress calculations (Likins, 1996). Wave speed is a

function of the following material properties of the pile, elastic modulus and mass density and

are related through the equation:

C = (E/p) (3)

where c equals wave speed; E is the elastic modulus; and p is the mass density of the concrete.

Several methods of wave speed determination were evaluated for use in the analysis of this data

which are: (1) Free Pile Test, (2) Wave Up and Wave Down Method in early driving, (3)

Published “standard” values, (4) Inspection of wave up and wave down from current data, (5)

2nd Avenue Bridge - Des Moines, Iowa
Shaft Displacement vs Time - Statnanic Test
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Calculated from laboratory tests, (6) Low strain Sonic Integrity Testing, and (7) Measured from

embedded instrumentation.
The two preferred methods to find wave speed are impossible with respect to drilled shafts

because they rely on a pile with no shaft resistance from the soil i.e. before driving (Free Pile

Test) or during the first blows before the pile significantly penetrates into the ground (Wave Up

and Wave Down Method). The free pile test is obviously impossible for cast in-situ piles. In the

case of a drilled shaft, which by design and construction method, has large side friction, wave

speed determination by WU/WD inspection may be erroneously slow due to high shaft friction.

Impact diagrams showing pile top force and velocity times impedance and the resistance wave

down and wave up are shown for Blow 6 in Figures 9 and 10. The very soft pile/soil response

shown makes wave speed determination difficult. The resistance wave down and wave up

shown in Figure 10 illustrates the very rounded area where the toe reflection should be. The

best estimates of wave speed from this procedure range from 3962 rn/s to 3567 m/s which is as

much as 10 percent less than standard published values of4000 rn/s for concrete. Under normal

high strain dynamic test circumstances, this would be the only way to determine the shaft wave

speed.
Supplementary low strain Sonic Integrity Test (SIT) or Pile Integrity Test (PIT) methods may

be used to shed additional light on which wave speed to use. It may also help determine large

cross section variations for subsequent signal matching models. But there is also a margin of

error associated with low strain test methods which may just confuse matters. The wave speeds

reported from the SIT and PIT results are 3600 m/s and 3650 m/s.

The wave speed was also calculated based on laboratory tests. The modulus was calculated

by the ACT equation (2) based on concrete cylinder breaks made within 2 hours of the drop

hammer test. The concrete compressive strength based on a 10 micro-strain per second loading

rate is 27.79 Mpa and the modulus is 26.3 GPa. Loading rate during the drop hammer test was

on the order of 200,000 micro-strain per second. It is suggested that the compressive strength is

15 percent greater at a loading rate of 8000 micro-strain per second (Metha, 1986). Therefore,

this modulus calculation corrected for loading rate should be somewhat larger, perhaps by 3 to 5

percent. In the laboratory, the unit weight of the cylinder was also determined to be 2195 kg/rn3.

The wave speed calculated by (3) is 3465 mIs. If loading rate and reinforcing steel add 5

percent, the wave speed is 3638 rn/s.

For this test, internal measurements of strain at four levels and acceleration at the shaft toe

were made during the drop hammer test. Using these data is probably the most accurate way to

determine the wave speed and pile/soil response. Inspection of the acceleration versus time plot

in Figure 12 or any one of Figures 1 1 through 14 implies a wave travel time of 8 milliseconds

over a length of 25.28 meters between the top and bottom accelerometers. Data in Figure 11

also indicates that variations in the wave speed occur over the length of the shaft. The

composite wave speed of the shaft from these measurements is 3 1 60 mIs.

So there seams to be an irresolution in the best determination of the wave speed for drilled

shaft testing. Values are shown to range from 3962 m/s to 3 160 rn/s in this case. Capacity

variation with wave speed is shown in Table 1.

2.2.3 Accuracy in Load Measurement

The elastic modulus also directly influences the accuracy of load measurement, since the load is

calculated via strain gages near the pile top by equation (1). Essentially, the shaft cross sectiOfl

at the gage locations is a load cell. Load cells used in static and Statnamic testing are required tO

be calibrated and traceable back to the National Institute of Standards and Technology (NIST).

The shaft concrete curing process near the shaft top is the most unrepresentative of the shaft as

a whole. Moreover, the modulus is linearly dependent on the mass density of the pile. Whet S

more, is the elastic modulus is variable over the length of the shaft and over the cross section.

Accuracy in load measurement is also influenced by the cross sectional area. In this case, the

shaft top was slightly elliptical and the gages were placed 0.7 meters above a transition ZOflC

from permanent casing to a smaller diameter uncased shaft.
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Table 1. Case Method Capacity Prediction Variation with Wave Speed Value TNO FPDS-5.
c=3600 m/s

c=3963 mIs c3638 rn/s c3567 mJs c=3 1 60 m/s

Static Static Static Static

Blow Resistance Resistance Resistance Resistance

Number (MN) (MN) (MN) (MN)

1 3.1 3.0 2.9 2.5

2 6.5 5.7 5.4 4.9

3 7.2 6.3 6.1 5.3

4 8.7 7.5 7.1 6.5

5 9.1 7.7 7.3 7.4

6 9.3 7.6 7.1 7.5

7 8.4 7.0 6.7 7.4

Table based on a damping constant of JC=0.5.

Table 2. High Strain Dynamic Testing Summary Table (Direct Calculations) from TNO/PDI.

Maximum Maximum
Static Compression Tension Energy Drop

Blow Resistance* Stress Stress Transfered Height

Number (MN) (MPa) (Mpa) (kJ) (m)

1 2.9/2.33/3 1/1 4/4 0.5

2 5.4/4.76/6 3/2 18/20 1.3

3 6.1/5.88/7 2/2 27/28 1.8

4 7.1/6.59/9 2/2 40/41 2.1

5 7.3/6.9 10/10 1/2 48/50 2.5

6 7.1/7.1 11/11 2/2 55/59 2.7

7 6.7/6.7 10/10 1/2 43/47 3.0

Maximum Case Method with JC=0.5 & a wave speed of 3600 rn/s.

TNOIPDI data.

2.2.4 Discussion ofResults

The data contained in Table 2 summarize the results of the high strain dynamic testing. The

values shown are direct calculations based on the maximum CASE Method (closed form

solution) approach. Since the only derivation assumption in the Case Method equation is a

linearly elastic uniform pile with constant cross section along its length, this method is not

totally reliable for cast in place foundations. This is a simplistic approach compared to signal

matching, but may very well be the best, just because of its simplicity and repeatability. The

maximum Case Method capacity independently reported from the TNO and PDI systems were

nearly identical in Table 2. Supplemental information such as driving stresses and energy are

also reported in Table 2.
Independent evaluations on blow number 6 made by GRE researchers with CAPWAP show a

capacity prediction of 10.2 MN with 3.8 MN ofend bearing and 6.4 MN of skin friction. GRL

researchers performing the CAPWAP analysis were not provide the embedded strain gage and

toe accelerometer data. Their analysis was based on shaft top data only.
Signal matching analysis TNODLT of blow 6 performed by the authors produced variable

results depending on various permutations of pile properties. Predicted capacities from

TNODLT ranged from 6.1 MN to 8.85 MN. A common denominator in these variations was the

very low predicted end bearing ofonly 0. 1 MN.
If the embedded strain and accelerometer data was used to back fit a TNODLT model to

these internal measurements, a total mobilized pile capacity of 7.8 MN with 7.7 MN in skin

friction and 0.1 MN in end bearing was estimated.
Statnamjc load test results shown in Figure 38 indicates 0.5 MN to 0.8 MN of end bearing at

comparable loads. CAPWAP using only shaft top data over estimated end bearing by 375%.
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Figure 9. Shaft top force and velocity times impedance - Blow 6.

Figure 10. Resistance wave down and wave up - Blow 6.

TNODLT under estimated end bearing by 88 %. Poor end bearing resistance is supported bY

weighted tape soundings of the shaft bottom prior to concrete placement and subsequent CfOU

Hole Sonic Logging.
It appears that the more detailed the signal match model becomes, by using measutd

quantities, the more difficult the match becomes. This is largely due to the uncertI”
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Figure 1 1 . Force from Strain Gages - Blow 6.

Figure 12. Average shaft top acceleration and shaft toe aeceleration.

Figurel3.Averageshaft top velocity and shaft toe velocity.
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Figure 14. Average shaft top displacement and shaft toe displacement.

wave reflections that can easily be mistaken for soil resistance reflections. A bulge in the shaft
can be characterized as high soil resistance and a neck can be taken as low soil resistance.
Models cannot adequately describe these complex field conditions. Unknown properties have
been shown to seriously influence capacity predictions.

Embedded strain measurements shown in Figure 1 1 were converted to load via equation (1).
The internal measurements clearly indicate the effects of stress wave propagation. Due to this
wave propagation, drilled shaft side shear values can not be directly interpreted from these data.
The data also shows the presence of tension waves with the maximum tension force of 1 .8 MN
at 4.64 meters below the shaft top. This corresponds precisely to the maximum calculated
tension from the FPDS and PDA. This tension was approaching the maximum allowable value
for a non prestressed concrete element. Integrity testing schemes before any load testing
indicated an impedance change around 21 to 22 meters below shaft top. This impedance change
appeared more prevalent after each test method but was still not a major defect. Figure 1 1 also
shows variation of wave speed over the shaft based on wave arrival times from gage to gage.

The measured acceleration presented in Figure 12 was integrated to velocity in Figure 13 and
then to displacement shown in Figure 14. The measurements in these figures are out ofphase by
the magnitude ofthe wave travel time. The maximum displacement ofthe shaft top is shown to
be 5.3 nim with a fmal set of 0.6 mm. The shaft top displacement was also checked with
standard survey equipment and reported to have a permanent set of I .4 mm for this blow. Note
that displacement recorded with the survey equipment was a total of 6 mm for the 7 blows. The
accuracy of the survey equipment was ±2 mm. As shown in Figure 14, the shaft toe had a
maximum displacement of 3.6 mm and a final set of 0.2 mm indicating some residual stress.
With displacements of this magnitude, only a fraction of the full shaft capacity was mobilized.

3 LOAD TEST PROGRAM REMARKS

The short coming to the program was that the test shaft was over designed so its ultimate•
capacity was not measured with the 14 MN Statnamic device. The test shaft at the adjacent site
was not loaded to failure either using the bi-directional jack method. Conditions were quite
different for that site although it was only a few miles away. The jack was placed in the shaft
bottom and loading was from the bottom up. The substantial strength of the shale socket waS
not overcome and the shaft was permanently cased through the overlying soils. It was just thC
opposite for the Statnamic test which did not fail the shale. Thus, the two methodS
complimented each other. . :

Drilled shaft foundation designs on two of the four bridges will rely entirely on side sheaf
the glacial till and will not be extended into the shale. Zero end bearing will be used in

2nd Avenue Bridge - Des Moines. iowa
Drop H.rmwrabwa- Dbp4ec.m.nt
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scenario Larger structural loads will be required for the other two bridges therefore, design

criteria mcludes side shear and end bearmg m the shale as well as side shear in the glacial till

Load test results mdicate poor end bearmg resistance as a result of not cleaning the shaft

bottom. The subsequent construction specifications will require a bottom clean out procedure

such as an airlift or submersible pump. A nominal end bearing value in the shale will be used in

light ofthe bottom clean out specification.
Design values for the new structures were based on a combination of both test methods.

Statnamic load test results were used for the glacial till and upper soils. Design values in shale

were used from the cast in place bi-directional jack method results as well as local data base

shale values. The design team felt that a safety factor of 2.5 on the ultimate side shear was

appropriate for sizing shafts to match the required structural service loads.

The load test program performed during the design phase is a very innovative approach since

the
information may be directly incorporated into these designs.

4 CONCLUSIONS

4.1 Statnamic

> Statnamic is not effected by uncertainties in pile properties because top load and

displacement are measured directly with a calibrated load cell and displacement sensor. •

> Embedded strain and accelerometer instrumentation allows direct interpretation of load

distribution and toe displacement in Statnamic testing.
> Embedded toe accelerometer mstrumentation verified rigid body motion in Statnamic and

improved the Unloading Point Method in the elastic range by using average shaft

acceleration.
The duration of the Statnamic load is 10 times longer than high strain dynamic testing
therefore no tensile forces exist in the shaft and the soil is loaded as a rigid body like in a

static test. .

Statnamic can safely mobilize greater capacity than dynamic testmg
It requires no special shaft construction procedures so installation is more representative of

actual production shaft construction. :1
Compansons between Statnamic and bi-directional cast m place jack results could not be
made since neither test was run to failure.
Poor end bearing resistance resulted from not cleaning the shaft bottom.

4.2 High Strain Dynamic Testing

) High strain dynamic testing has inaccuracy in load measurement on drilled shafts because of
.

unknown pile properties. I
> Displacement is not measured directly.
> Capacity prediction from high strain dynamic testing depends on wave speed which has been

shown to vary from 3962 to 3160 m/s in this case resulting in considerable variation in
capacity estimates.
High strain dynamic testing is also effected by non-uniform shaft cross section. Unknown
cross section variations cause stress wave reflections which can be easily mistaken for soil
resistance.

. The Case method is based on a linearly elastic uniform pile with constant cross section along
its length, this assumption is not totally reliable for cast in place foundations. This is a
Simplistic approach compared to signal matching, but may very well be the best, just because

‘

of its simplicity and repeatability. j
Capacity estimated from complex signal match models had variations of over 4 MN due to
Unknown soil properties. Independent CAPWAP analysis based on pile top measurements
only indicated a capacity of 10.2 MN while analysis back fit to match embedded strain gages
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and toe accelerometer data showed a capacity of7.8 MN.

> Measurements from internal strain gages may not be directly interpreted in high strain

dynamic testing. A signal match must be back fit for prediction of side shear and end bearing.

> To prevent damage, high strain dynamic testing must be stopped prior to mobilizing the large

displacements required to fail a drilled shaft. Additionally, the ram to pile alignment is very

difficult to control and bending stresses result from eccentric loading. Bending stresses can

cause damage and also complicate the analysis method.

> High strain dynamic testing is an excellent tool for driven piles because key pile properties

can be determined in a controlled manner.
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ABSTRACT: Over the past two years researchers at the University of South Florida in

Tampa, Florida have conducted over 1 50 Statnamic tests in conjunction with privately and

federally funded test programs. In this time a research program has been developed

exploring further applications for its use. This paper will describe some ofthe areas of

research presently under investigation, developments in instrumentation and testing
procedures, and preliminary findings.

1. INrRODUCTION

Since its inception in 1988, Statnamic testing has gained acceptance in more than 15

countries and in 6 continents, and it is estimated that over 500 tests have been conducted

worldwide With its growth has come the exploration of new avenues for its application

Although typically considered an axial deep foundation test procedure, it was expanded into
lateral load testing inNorth Carolina (1994) and most notably, in Mississippi (1998), where
lateral loads exceeded 7 MN. Additionally, developments such as the hydraulic catching
mechanisms, shallow foundation applications, and under water reaction masses continue to
emerge. Although some of the most recent developments have yet to be released for
production, they promise to be equally beneficial to the fill-scale testing arena.

Over the past two years researchers at the University ofSouth Florida have conducted
over 150 Statnamic tests on both deep and shallow foundations. These tests were
performed in conjunctionwithproduction and research oriented projects in cooperationwith
Applied Foundation Testing Inc., Auburn University, Berminghammer Foundation
Equipment, the Federal Highway Administration, Hayward Baker Inc., University of
Massachussetts and eight different state departments oftransportation. The Statnamic test
programs have included: (1) axial load.tests on piles and shafts in sands, clays, or rock
sockets, (2)1ate-ai load tests on pile groups and shafts, and (3) plate load tests on sands and
full-scale spread footings on sands and vibro-compacted soils (stone columns). This paper
will describe some of the research areas presently under investigation, developments in
instrumentation and testing procedures, and preliminary findings.

117

                     576



H
                     577



2. HYDRAULIC CATCHING MECHANISM

By means of a grant with the Federal Highway Administration, USF purchased a 4 MN

hydraulic catching mechanism (11CM), the largest-capacity hydraulic catching mechanism

to date. Although not used exclusively, this device serves as the primary core of the

university’s Statnamic research program. This catch mechanism provides the luxury of

multiple load cycles within a matter of minutes, the ability to inspect the ignition circuit

withoutdisássernbl3’, thebenefit ofsingle-truck mobilization, and it avoids the environmental

problems with gravel retrieval when testing over water.
. Hydraulic catching systems eliminate the need for gravel and gravel structure since the

upward moving reaction masses are caught at the top of their flight by four hydraulic

actuators (or rams). These 3.2 m stroke rams are activated by four low pressure (1500 psi)

nitrogen accumulators which store compressed nitrogen gas over hydraulic oil. As the

weight on the rams is released during a test, the compressed nitrogen quickly expands to

force hydraulic oil into the rams causing them to chase the reaction masses to the apex of

their flight. The hydraulic oil is routed (in series) through one-way valves at the base of

each ram which restricts reverse flow and thus the downward movement of the masses.

Each ofthe four rams is independent ofthe others providing redundancy and safety. The

masses remain at this position until the user redirects the additional fluid in the rams back

into the accumulators. At which time, a subsequent load cycle cáñ be performed.

By transferring the initial weight ofthe masses to the rams at the onset ofthe test it is

possible to perform Statnamic testing without a pre-load condition. Additionally, hydraulic

catching systems have no minimum required jump-height for the silencer/reaction mass

assembly which is a concern for gravel catching systems. By removing this restriction, low

load tests can be performed with much greater than 5% reaction mass. Such tests can

produce long duration load pulses greater than 0.5 seconds, thus reducing inertial and

damping forces for large portions ofthe test.
Although the set-up time for a 4MNgravel or hydraulic catching systems is comparable,

multiple cycles can be performed in a matter ofminutes when using the latter. Further, the

break-down typically takes less time. In using gravel catching systems, great care is

exercised inthe preparation ofthe ignition circuitry. An inadequate ignitor connection could

cost a project as much as a day of delay time. This of little concern when using the

hydraulic catching system due to the ability to raise the entire stack ofreaction masses with

the hydraulic rams so as to access the fuel basket.
A substantial portion of all Statnamic testing costs stems from the mobilization of

equipment. Typically, a 4 MNtest requires two tractor-trailers to ship the combined weight

ofthe equipment and reaction masses (27,000 kg total) where only 20,000 kg is permitted
per truck. The USF device is equipped with two reaction mass options: (1) an entire set of
six concrete-filled steel masses which requires two trucks to ship, or (2) an optional set of
two empty, structurally-reinforced steel cans that replace five ofthe concrete-filled steel
masses. The empty can option allows single truck mobilization to distant sites with a total
shipped mass of 19,000 kg. Once at the site the cans can be filled with sand, gravel, water
or any combination to attain the required mass. Lower loads (up to 2.3 MN) can be attained
by usingjust the empty cans without any fill material. Option 2 has the added advantage of
usmg only three reaction masses which translates into time savings rn crane usage. Figures
2.1 - 2.10 illustrate typical assembly of the device.
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3 . SHALLOW FOUNDATION TESTING

Researchers at the University of South Florida are currently exploring the correlations between
Statnamic and static load testing ofshallow foundations. Statnainic testing ofshallow foundations
has the potential to provide a cost effective alternative to static load testing, and the initial findings
have been favorable.

3. 1 Federal Highway Administration Collaboration

In a series ofplate load tests performed in conjunction with the Federal Highway Administration,
Statnainic testing was applied to shallow foundations. Three separate yet identical foundations on
clean sand were tested in the following manner: (Test 1) incrementally increasing Statnamic load
cycles until bearing failure, (Test 2) static load test, and (Test 3) a single Statnamic load test well
in excess ofthe bearing capacity. Using the Unloading PointMethod (Middendorp et al., 1992),
a derived static load-displacement responsewas obtained foreachload cycle, and compared with the
static load test in which three load/unload cycles were recorded. Figures 3. 1 and 3 .2 illustrate the
results ofthese tests.
Shown in Figure 3. 1 are the results from the incrementally increasing Statnamictests (test 1)and the
static load test (test 2). The derived static load is shown for each ofthe four cycles where the peak
Statnatnic loads were 74, 128, 196, and 262 KN, respectively. Damping coefficients (C) calculated
for each cycle were 146, 76, 78, and 92 KN-s/m, respectively. The derived static response slightly
over estimates the capacity ofthe foundation when compared to the true static capacity This is not
altogether surprising based on the probable densification ofthe soils within the initial cycles. This
can be seen from Test 3 (Figure 3.2) which produced a peak load of219 KN and resulted in more
displacement than the fourth cycle ofTest 1(262 KN’).

50

0
0

Deflection (nn)
Pigure 3.1 Comparison ofderived static response from four Statnainic load cycles
(test 1) with the true static response (test 2).
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Figure 3.2 shows the results ofTest 3 and provides an example ofa trend that develops when the

Statnainic load grossly exceeds the bearing capacity ofthe foundation. During the linear loading

stage, Statnamic results indicate a much stiffer system than that ofa static test, but once bearing

fiilure occurs the two test results are similar. Derived static values for shallow foundations are

relatively unaffected by inertial forces but seem sensitivetothe damping coefficients. The damping

coefficients calculated from the unloading portion ofthe

250

20 40 60 80 100

Deflection (mm)

200

150
z

•0

.0-J 100

50

0
0 120

Figure 3.2 Static I derived static comparison of Statnaniic test perfonned well

above bearing capacity (tests 2 and 3).

test satisfy the system dynamics in that portion ofthe loading but failto do so initially. This implies

that C varies as the soil strains and is supported by the difference in the calculated damping

coefficient observed in Test 1 (cycle 1) and Test3, 146 and 58 KN-s/m, respectively. If it is

assumed that the difference between the true static and inertia-corrected Statnamic force is due to

a variable damping coefficient then the coefficient at any point could be detennined forthis specific

site using the following expression:

F-F -F.
C = -

“i ma 31)
x

where C, V, F, and F_ are the dynamic force parameters at displacementx and correspOndS

tothetrue static force atthat displacement. Usingthis expression, Figure 3.3 illustrates thevaliatlOn

in the damping coefficient as a function ofdisplacement. It is interesting to note that C, at small

displacements, is similar to that ofTest I (cycle 1) and at large displacements similar to Test 3.
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Figure 3.3 Values ofthe variable damping coefficient calculated using the true
static response and the inertia corrected Statnamic force.

3.2 Testing Foundations on Stone Columns

Tests performed in conjunction with Hayward Baker using the 4 MN hydraulic catching systen
provided the opportunity to investigate the Statnamic response of shallow foundations on ston
columns. This program consisted ofside by side comparisons offifl-scale Statnaniic and static loa*
tests on a 2 m square steel footing. Figures 3.4 and 3.5 show the two test configurations.
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e 3.4 Static load test assembly on stone column-
reinforced soil.

Shown in Figure 3.6 are the results ofthe Statnamictesüngofthe stone column shallow foundations,
and the comparison ofderived static and true static resPonse ofthe footing.

.

As indjcaej in Figure 3.6, the Statnamic response ofthe stone column foundation was very
similar to the true static response. Because neither test was conducted beyond the bearing capacity
ofthe founthtio, the response for both was highly linear. After what appears to be some initial
device seating, the Statnamic-derived static load curve has a sioPe that is nearly identical to the true
Static. The apparent strain hardening observed in both methods was most likely due to the flexibility
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Deflection (mm)

Figure 3.6 Comparison ofstatic and Statnamic test results for shallow foundations on

stone columns.

ofthe plate. Recognizing this as a potential problem, Hayward Baker has agreed to test stiffet

production-type concrete footings in an upcoming test program.

4. DEEP FOUNDATIONS

4. 1 Soft Toe-ConstructedShafts

In an effort to minimize testing expenses associated with full-scale load testing, drilled shafts with

soft toes can be constmcted. Such shafts can be tested at loads below that of the their ultifliatC

Figure 3.5 4 MN Statnaiuic piston and 11CM frame
installed on test plate.
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Figure 4.3 Cycle 1: toe load increases late in the test

after significant displacement
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Figure 4.4 Cycle 2: toe load increases, and bottom rock
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Figure 4.5 Cycle 3: toe load maximizes given the size of
the equipment

Shown are four derived static load cycles along with the elastic compression curve. The first

load cycle fails the shaft and fully mobilizes the skin friction. In subsequent cycles the toe CaPaCItY

begins to develop untilthethird cycle when it has developed enough to exceed the device capabilit1.

This is confirmed by identical tow response in the fourth cycle. Figures 4.3 through 4.6 display tbC

distribution ofload throughout the shaft for cycles 1 through 4 respectively. Shown are the load

traces from the Statnamic load cell (upper most) and the embedded strain gauges (lower most bC1fl

the toe gauge).
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Figure 4.6 Cycle 4: no significant change in load

distribution

Soft-toe test shafts allow the engineer to gain an understanding of in-situ soil strengths with

smaller, more cost-effective devices.

4.2 Post-Grouted Drilled Shaft Tps

Although post.groudng ofdrilled shaft tips has been adopted in many countries, it is only now being

considered for use in the southeastern United States. A program is presently developing to evaluate

its effectiveness using Statnamic testing as the primary mechanism ofloading. Statnamic testing is

ideal for this effort because it is cost-effective and can be implemented without affecting normal

construction techniques. Further, the HCM-equipped Statnamic device will allow for multiple

st load cycles that may be required, especially for ungrouted control piles, to fully define the

shaft’s ultimate endbearing characteristics.
As a potential side benefit, post-grouting may provide a prooftest for all shafts on a project,

once the initial Statnamicloadtesting is completed. This can be accomplished by comparing the pile

strain distribution from postgrouting with that ofthe Statnamic test.

5. DOWN..HOLE LATERAL MOTION SENSOR

5. 1 Background

Recently, starting in 1996, lateral Statnamicload tests have beenperformed in additionto static tests

to simulate more closely the lateral loads from ship impacts or seismic events. The duration ofthis

test excludes the use ofconventional inclinometers which are typically used to measure down-hole

lateral displacements for static lateral load tests. Therefore, a dynamic device analogous to the

inclinometer has been developed to measure lateral motions beneath the ground surface during a

transient lateral load.

5 .2 Concept, Design and Development

The laterally deflected shape ofa steel pile can be estimated from bending strain measurements by

double integrating a fitted moment equation. However, the deflected shape ofa drilled shaft cannot

Usually be generated from embedded strain gages due to the changing moment ofrnertia aftertension

CraCk.s form in the concrete. The need for displacement measurements during lateral Statnamic tests

zt
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cycl.4 flme (seconds)
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Deflection (m)

-0.03 -0.02 -0.01 0

Figure 5.4 Deflected shape ofthe shaft at 100, 200, 300, and 400 KR

The device basically uses an accelerometer aligned with the direction ofloading. Because

thegrooves ofthe inclinometer casing are typically oriented otherthanthatdesired, the accelerometer

is mounted on an adjustable collar which can be secured in a prescribed direction ofloading. This

orientation is maintained during installation using spring loaded wheels that snap into the grooves

ofthe mclmometer casmg (similar to that ofthe incimometer) Figures 5 1 and 5 2 show the DLMS
sensor prior to installation.

Several Statnamicload tests have been conducted on drilled shafts where the deflected shape

was determined from the down-hole lateral motion sensor data. Each program compared the

: foundation response ofstatic and Stathamic lateral loads. Full details ofthese results can be found

elsewhere (Brown et al., 1998). Results from data obtained from a string ofthree devices (1.52,

. 3.05, and 4.57 meters below the ground surface) are shown in Figure 5.3. This figure shows the

displacement trace of a 10 meter, single-shaft lateral load test at the Auburn University site in
Opelika, Alabama. Figure 5.5 shows the deflected shape ofthe shaft from four instances during the

Statnainic
loading.

6. SUMMAjY

In the past two years, the University ofSouth Florida has perfonned numerous Statnamic tests due
to the support received from state and federal agencies, and private industry. As a direct result, an
extensive research program has been developed in each ofthese areas: shallow foundations, deep
foundations, lateral testing, and instrumentation. Withthepurchaseofa hydraulic catch mechanism,
USF researchers have been able to explore new applications and refine existing procedures. The
objective ofthis paper is tO encourage further discussion ofthese topics. Comments or questions,
addressed to gmuIlinseng.usfedu. would be appreciated.
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The behavior ofpiles in clay during Statnamic and different static
load testing procedures
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ABSTRACT: A long-term investigation of pile capacity in the Boston Area was carried out in
predominately fine-grained soils at a bridge reconstruction site in Newbury, Massachusetts.
This investigation included heavily instrumented piles subjected over a lengthy period of time
to different static load and dynamic measurements during driving and restrikes. Staged
Statnamic load tests were conducted on two of the test piles following the completion of the
capacity gain investigation. A comparison is presented between the final static load tests and
the Statnamic testing. Conclusions are drawn regarding (i) the accuracy of the testing, (ii) the
Statnamic measurements versus dynamic measurements during testing and (iii) the effect of the
testing procedure on the surrounding soil behavior.

1 . INTRODUCTION

An investigation of pile capacity gain with time was conducted by the Geotechnical
Engineering Research Laboratory of the University of Massachusetts - Lowell (UML). Three
full-scale instrumented piles were installed at a bridge reconstruction site along Route 1 in
Newbury, MA. Static and dynamic testing were conducted over a period of one year and two of
the test piles were subjected to Statnamic testing after the capacity gain investigation had been
completed. The presented Statnamic tests are the first to be conducted on deep foundations in
the New England area. The Newbury Testing program provided the conditions to examine
Statnamic testing in the region (1) the soil profile at the Newbury Site is typical of the Boston,
Massachusetts area and a detailed subsurface investigation was carried out at the site and
extensive testing was conducted on the test pile cluster and (2) the piles and the soil were well
instrumented.

A series of static load tests were performed on each test pile at the end of the pile capacity
investigation. The purpose of these tests was to evaluate the final pile capacity as well as to
compare various procedures of static load testing. Measurements of the pore pressure along the
piles and in the ground piezometer field showed that all excess pore pressure due to driving of
the test pile itself or an adjacent pile had completely dissipated at that stage. In addition, a
significant amount of time (minimum 4 months) had passed since the last adjacent test pile had
been driven, allowing for all pile capacity gain to be completed. Based on this information, it
was concluded that these final static load tests would determine the final pile capacity.

The final static load tests are classified as slow maintained, short duration, and static-cyclic,
based on the pile loading increments, length of time each load increment was held constant, or
loading rate. The slow maintained and short duration tests were conducted according to the of
the Massachusetts Highway Department (1995). The static-cyclic tests were conducted
according to criteria developed in a concurrent research that is beyond the scope of the present
paper (Paikowsky and Operstein, 1999). To minimize the effects of each static load test on each
subsequent test, the testing was conducted in the following order: slow maintained, short
duration, and static-cyclic. This schedule allowed for the maximum possible time between
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loading cycles while allowing the tests to be performed over a short period. Furthermore, the
pore pressure measurements along the pile were allowed at or near hydrostatic conditions before
the next static load test was conducted. Based on this information, it was assumed that any
effect each test may have on another would be negligible.

The results from the various load tests conducted on the two test piles showed that each had
reached final capacity. Pore pressure measurements along the piles and in the ground
piezometer field before the Statnamic testing indicated that they were at or near hydrostatic
conditions. This suggested that the test piles had gained no further capacity.

The Statnamic testing was conducted 6 and 4 months after the completion of static load
testing for Test Piles #2 and #3, respectively. A summary of the static and Statnamic testing
performed on the two test piles is listed in Tables 1 and 2 for Test Pile #2 and #3, respectively.
Each pile was subjected to several Statnamic tests at increasing loads until approximately twice
the final static failure load was reached. A total of 10 Statnamic tests were conduccted on the
two test piles. Six Statnamic tests at increasing capacities were conducted on TP#3, with the
tests being labeled TP#3-1 through 6. After completion of these tests, the Statnamic device was
positioned over Test Pile #2. Four Statnamic tests were completed on TP#2 at various
capacities. These tests were labeled TP#2-1 through 4. All Statnamic testing for both piles was
conducted on the same day within a 10-hour period.

Table 1 Timetable of testing for test pile #2

TP#2 SLT7 TP#2 SLT8 TP#2 SLT9 TP#2-1 —4

Type of Test Slow Maintained Short Duration Static-Cyclic Statnamic

Date of Test 10/22/97 to 10/27/98 10/28/98 4/23/98
10/24/97

Time from End
Of Driving 8 Months 8 Months 8 Months 14 Months

(EOD)

Table 2 Timetable of testing for test pile #3

TP#3 SLT3 TP#3 SLT4 TP#3 SLT5 TP#3-1 —6

Type of Test Slow Maintained Short Duration Static-Cyclic Statnamic

Date of Test 12/2/97 to 12/4/98 12/5/98 4/23/98
12/4/97

Time from End
Of Driving 12 Months 12 Months 12 Months 16 Months

(EOD)

2. THE NEWBURY TEST SITE

The Newbury bridge reconstruction site is located along Route 1 on the Newbury -

Newburyport border, north of Boston, Massachusetts. The test pile program consisted of three-
instrumented test piles laid out in a triangular formation near the north abutment of the bridge.
In addition to the test piles, a ground piezometer field consisting of ten vibrating wire
piezometers was installed to monitor the piezometric pressures at various elevations and
distances away from the test piles. Seven piezometers were located near the center of the clay
layer, with an average depth of 1 im (36ft). The remaining three ground piezometers were
located in a silty sand layer, with an average depth of 29m (69ft). A report describing the test
pile cluster, the ground piezometer field, and the testing program is currently being prepared for
the Massachusetts Highway Department (Paikowsky and Hajduk, 1998). Figure 1 shows the
test pile layout and the ground piezometer field.
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Figure 1 . Newbury test site layout (after Paikowsky and Hajduk, 1998).

The soil stratigraphy of the site is typical of the conditions found in the Boston area. The
general soil profile at the pile testing location (from ground surface downward) consists of the
following soil strata: 8 feet (2.44 meters) of granular fill composed of very dense, brown sand
and gravel intermixed with frequent concrete fragments, overlies a thin layer (approximately 1
foot (0.3 meters)) of highly compressible organic silt and peat. In order to protect the test piles,
these layers were excavated and cased with steel pipe sections. Below the fill and organics is an
approximately 45 feet (13 .7 meters) thick deposit of a marine clay, known as Boston Blue Clay.
The clay consists of approximately 9 feet (2.7 meters) of very stiff to medium stiff, over-
consolidated layer (crust), over 20 feet (6. 1 meters) of soft normally consolidated clay and 16
feet (4.9 meters) normally consolidated clay. An interbedded deposit of silt, sand, and clay
approximately 9.5 feet (2.9 meters) thick underlies the clay. Below this interbedded deposit is a
layer of silty sand approximately 8 feet (2.4 meters) thick.. Another interbedded deposit of silt,
sand, and clay approximately 7.5 feet (2.3 meters) thick underlies the silty sand. Below this
interbedded deposit is a layer approximately 8 feet (2.4 meters) thick of medium dense to dense,
fine to medium sand. Underlying the fine to medium sand is a dense glacial till consisting of
medium dense to dense, fine to coarse sand and gravel, with traces of silt and rock fragments.
Good quality, unweathered bedrock was encountered at approximately 100 feet below the
ground level (elevation 81 .7 feet) (Paikowsky and Chen, 1998). A detailed characterization of
the subsurface at the site is provided by Paikowsky and Chen, (1998). The typical soil profile
of the site and results from a CPT test conducted alongside the configuration of Test Piles #2
and #3 are shown in Figure 2.

3. INSTRUMENTED TEST PILES

Three full-scale instrumented test piles, two friction and one end bearing, were installed at the
Newbury test site. Only the two friction piles were selected for additional Statnamic testing.
These two piles consisted of a steel pipe pile and a square, pre-stressed concrete pile, designated
Test Pile #2 and #3 respectively. A report is currently under preparation detailing the design
and construction ofthese test piles (Paikowsky and Hajduk, 1998).

Test Pile #2 (TP#2) is a 324mm diameter x 13mm x 24.4m long (12.75in diameter x O.5in
thick x 80ft) steel pipe pile. This pile is instrumented with electrical resistance piezometers,
vibrating wire piezometers, and strain gages at various depths below the pile top. The
piezometers were installed in such a manner that they lie halfway between sets of strain gages.
This arrangement allowed for pore pressure measurements to be taken and compared with an
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average skin resistance during static load testing. Additional electrical resistance strain gages
and piezo-resistive accelerometers were located at the middle and tip of the pile to record
dynamic measurements. Over the course of pile capacity gain investigation, an interior water
leak damaged the electrical resistance gages of TP#2. These instruments were therefore not
available during the Statnamic testing. Pile Driving AnalyzerTM (PDA) load transducers and
piezo-electric accelerometers were also mounted near the pile top during dynamic and
Statnamic testing. A instrumentation layout of TP#2 is shown in Figure 2 relative to the soil
profile.

Test Pile #3 is a 356mm square x 23.9m long (l4in square x 78.5ft) pre-stressed concrete
pile. This pile is instrumented with four vibrating wire piezometers and six vibrating wire strain
gages located at various distances from the pile top. As with TP#2, PDA load transducers and
piezo-electric accelerometers were also mounted near the pile top during dynamic and
Statnamic testing. Figure 2 shows the instrumentation layout of TP#3 in relation to the typical
soil profile.
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4. LOAD TESTING METHODS

4.1 Static load tests

Four HP14x89 reaction piles were driven along each side of the test pile triangle before the
installation of the test piles. Each reaction pile was driven to a minimum depth of 1 8.3m (6Oft)
and was located a minimum of 2.lm (7ft) from any test pile. This distance was deemed
sufficient enough to not disturb the soil at the test pile locations. The triangular layout of the
reaction frame allowed for a reaction beam (two W33x201 steel beams) to be placed over any
test pile at any time to conduct a static load test. Load was transferred from the reaction beam
to the reaction piles with HP14x89 transfer beams. The configuration over each test pile was

5-
GWL 3.93ss

sz

_____

0-l

—o

—5

— 10

5

0

-5

2
S

1 -10

-15

-20

I •I Normally [
‘ 1 Consolidated L 2
S i I
.2 1 ay I—is.
s-iO-4 I

I I-
. 4. ..;. ..::I

.Ijjlnterbeddedsilt.F; sand,andcla

20
-15 SiIt SasI

iifst!bsdsd Lsri1i1
1EE (° h s)

Fine to medium 25
-20 Sand

Fine to Coarse
G 1/TIl

0

5

10

2

15
5-

20

25

0 4 8 12 1620 0 1002003004000 2 4 6 8 10
qc’ (MPa) (kPa) F.R. (%)

                     595



identical and produced a 4.4MN (500 ton) test frame. Figure 1 shows the reaction pile layout
relative to the test piles. Paikowsky and Hajduk (1998) describe in detail the static load test
instrumentation used for TP #2 and #3 . All the reaction piles were removed from the site on
1/29/98 to 1/30/98, four months before the Statnamic testing.

4.2 Statnamic load tests

A Statnamic load test involves the application ofa short duration load (approximately l2Oms) to
a pile or caisson. Burning a solid fuel inside the Statnamic device produces a high-pressure gas.
The attendant force associated with this gas accelerates a reaction mass upward at 20 g’s,
producing an equal force on the pile. Typically, the reaction mass weighs 5% of the desired
load (Justason et al., 1998).

The Statnamic device consists of a reaction mass, a fuel chamber, piston, and silencer. In
addition, a gravel chamber or a hydraulic mechanism is used to catch the reaction mass after it
is propelled upward. A load cell is placed between the piston and pile to record the load placed
on the pile. Displacement is measured by use of a laser sensor. Acceleration is recorded via a
servo accelerometer near the load cell. In addition to this instrumentation, Pile Dynamic& load
transducers and piezo-electric accelerometers were also attached to the pile to record force and
acceleration similar to conventional dynamic pile monitoring during driving. More information
on Statnamic testing is provided by the test system manufacturer (Berminghammer, 1997).

A 8MN Statnamic device, owned jointly by the University of South Florida and the Federal
Highway Administration, was used at the Newbury Test Site. This device is equipped with a
hydraulic catch mechanism, which allows for rapid consecutive testing on one pile. Figure 3
shows the Statnamic testing apparatus on Test Pile #2.

Figure 3. View of Statnamic load test apparatus over test pile #2
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4.3 Pile capacity determination

In order to standardize the pile capacity determination, Davisson’s Failure Criteria was used to
determine the pile capacity for the maintained, short duration, and Statnamic load tests. This
procedure is consistent with Massachusetts Highway Department specifications and is typically
used as the standard method of pile capacity determination. For the static-cyclic tests pile
capacity is determined from the points formed by the intersection of the loading and unloading
curves. Paikowsky and Operstein (1999) provide details regarding the pile capacity
determination under static cyclic test procedures.

5. TEST RESULTS

5.1 Static load test results

For the maintained and short duration load tests conducted on Test Pile #2, each test showed a
pile capacity of 750kN (84 tons), near a displacement of 14mm (0.55in). The static-cyclic tests
showed that a capacity of 670kN (75 tons) was achieved through the recommended analysis
procedure. A summary of the results of static load testing conducted on Test Pile #2 is listed in
Table 3. The load - displacement curves for all three tests are shown in Figure 4.

Table 3 Summary of static load test results for test pile #2.

TP#2 SLT7 TP#2 SLT8 TP#2 SLT9

Type of Test Slow Maintained Short Duration Static-Cyclic

Failure Load 750 kN 750 kN 670 kN
(84 tons) (84 tons) (75 tons)

Maximum 33.9mm 25.9mm 26.8mm
Displacement (1.333 in) (1.020 in) (1.055 in)

Permanent Set 28.5 mm 20.7 mm 21.4 mm

(1.121 in) (0.8 15 in) (0.841 in)

The analysis of the maintained and short duration tests on TP#3 showed a pile capacity of
1 l5OkN (130 tons), near a displacement of 12.3mm (0.48in). The static-cyclic tests showed that
a capacity of 1O25kN (115 tons) was achieved through the recommended analysis procedure.
Table 4 presents the results of the static load tests conducted on Test Pile #3. The load -

displacement curves for all three tests are shown in Figure 5.

Table 4 Summary of static load test results for test pile #3.

TP#3 SLT3 TP#3 SLT4 TP#3 SLT5A

Type of Test Slow Maintained Short Duration Static-Cyclic

Failure Load 1150 kN 1150 kN 1025 kN
(130 tons) (130 tons) (1 15 tons)

Maximum 34.8 mm 26.8 mm 23.7 mm
Displacement (1.371 in) (1.056 in) (0.933 in)

Permanent Set 26.9mm 21.0mm 18.2mm
(1.059 in) (0.828 in) (0.716 in)
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The near identical load-displacement curves of all three static load tests as well as the
identical Davisson’s failure load for the maintained and short duration load tests for both Test
Piles #2 and #3 showed that each pile had achieved its maximum capacity. In addition, this
information showed that the repeated loading cycles did not substantially affect each subsequent
test.

5 .2 Statnamic test results

The Statnamic test results conducted on Test Piles #2 and #3 are presented in Figures 4 and 5,
respectively. In both figures, the Statnamic load vs. displacement is shown in section (a), while
the derived static load vs. displacement is shown in section (b). A summary of the Statnamic
test results for Test Pile #2 and #3 are presented in Tables 5 and 6, respectively.

The Unloading Point Method was used to calculate the derived static force, which is the
common method of analyzing Statnamic tests. This method determines the static resistance by
assuming that the long duration of the Statnamic load allows for modeling of the pile as a
concentrated mass and a series of springs (Middendorp and Bielefeld, 1995). The derived static
curve shows the load-displacement relationship with the inertia and damping forces removed
from the measured Statnamic force (Justason et al., 1997). The mathematical procedure for
Unloading Point Method is described by Middendorp et al. (1992).

For the first test conducted on Test Pile #2, the pile experienced small displacements that
could not be distinguished from the noise of the data. Data for the third test conducted on Test
Pile #3 was not properly collected. These two test results are therefore not presented.

Examination of the Statnamic force - displacement curves (refer to Figures 4(a) and 5(a))
show that the pile load - displacement relations during all tests conducted on both piles was
primarily elastic. Each test follows the elastic compression curve of the pile and has little or
none permanent set at the end of each Statnamic test. Both piles behave in a similar manner
with the elastic behavior being more pronounced in Test Pile #2. Several Statnamic tests were
conducted at loads greater than the static failure load on both piles. No trend that could indicate
a clear failure ofthe pile was observed.

The derived static - displacement curves followed the same trend as the Statnamic force -

displacement curves (see Figures 4(b) and 5(b) for Test Piles #2 and #3, respectively). The
results of the derived static analysis show no indication of failure based on load - displacement
relations or as defined by Davisson’s criteria, for all the load tests.

In addition to the analysis above, a comparison was conducted between the force measured
by the Statnamic load cell and the Pile Dynamic load transducers attached directly to the pile
top. The primary purpose of this comparison was to observe if there was any stress wave
phenomena present that would affect the measurement of the Statnamic load cell, such as the
presence of tension waves. Figures 6 and 7 show the comparison between the average force
measured by the load transducers and the Statnamic load cell readings during the Statnamic
tests TP#2-2 through 4 and tests TP#3-4 through 6, respectively. The Statnamic force is shifted
in time and magnitude (zeroed) to allow for a comparison with the average dynamic load
transducer measurements. Both shifts between the two measured force signals is due to the
difference in the data acquisition system operations. The Pile Dynamics PDA responds to
dynamic forces only (all stationary forces are zeroed) and was triggered based on an increase in
the measured force. The Statnamic data acquisition system measures absolute forces and
presents an entire time span before and after the event. The time and magnitude shifts are
therefore justified and the Statnamic force was adjusted. For each test, an excellent agreement
exists between both measurements (see Tables 5 and 6).

Pore water pressure measured along Test Pile #3 during the Statnamic testing are presented in
Figure 8. Measurements of the pore water pressure for the ground piezometer field are
presented in Figure 9. The decrease in pore water pressure during shearing suggests that the
clay along the pile is under over-consolidated clay conditions. A similar behavior was also
displayed for the majority of the ground piezometer measurements in the clay layer. An
exception was ground piezometer number 7 (Gnd PZ-7), which showed an increase in pore
pressure during the testing of Test Pile #2. The proximity of this piezometer to the test pile
(less than 3 pile radii) could explain this measurement. For the ground piezometers located in
the silty sand layer, any buildup of pore pressure was quickly dissipated.
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Table 5 Summary of Statnamic test results for test pile #2.

TP#2 - 2 TP#2 - 3 TP#2 —4

Maximum Statnamic 572 kN 976 kN 1 1 86 kN
Force (64 tons) (1 1 0 tons) (1 33 tons)

Duration of Test 0.24 sec 0.19 sec 0. 1 8 sec

Maximum PDA Force 53 1 kN 890 kN 1 047 kN
(60 tons) (1 00 tons) (1 1 8 tons)

Maximum Displacement 2.6 mm 10.2 mm 12.1 mm
(0. 1 02 in) (0.402 in) (0.476 in)

Permanent Set 0.3 mm 3.0 mm 3.0 mm
(0.0 12 in) (0. 1 1 8 in) (0. 1 1 8 in)

Table 6 Summary of Statnamic test results for test pile #3.

TP#3-l TP#3-2 TP#3—4 TP#3-5 TP#3-6

Maximum Statnamic 538 kN 1115 kN 1689 kN 1943 kN 1186 kN
Force (60 tons) (125 tons) (190 tons) (218 tons) (250 tons)

Duration of Test 0.23 sec 0.17 sec 0.15 sec 0.14 sec 0.13 sec

Maximum PDA Force NA 1257 kN 1869 kN 2010 kN 2303 kN
(141 tons) (210 tons) (226 tons) (259 tons)

Maximum Displacement 2.1 mm 6.1 mm 1 1.1 mm 13.5 mm 16.1 mm
(0.083 in) (0.240 in) (0.437 in) (0.53 1 in) (0.634 in)

Permanent Set 0.1 mm 1.1 mm 3.3 mm 3.3 mm 3.3 mm
(0.004 in) (0.043 in) (0.130 in) (0.130 in) (0.130 in)

6. CONCLUSIONS

The Statnamic test produces a compression force wave of a much longer duration (in the order
of one order of magnitude) when compared to the typical dynamic impact during driving. This
force application cannot however be considered pseudo-static and resulted in a significantly
higher response even when compared to a very fast static load test. The static-cyclic tests
presented in Figures 4 and 5 were conducted in about 1 5 minutes per cycle. Their good match
to the slow maintained and short duration tests suggest that the impact of the Statnamic test
requires dynamic interpretation. The procedures suggested by Middendorp and Bielefeld
(1995) seemed to produce excellent results in stiff and/or granular soils. The unfavorable
results obtained in the presented tests suggest an influence of soil viscosity alongside buildup of
pore pressure in fine-grained soils. These results may require the development of additional
analysis tools and experience before the reliable application of the Statnamic test under similar
soil conditions.
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Figure 8. Vibrating wire piezometer measurements during Statnamic testing for test pile #3.
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A comparison of static and Statnamic load tests in sand: a case
study ofthe Bayou Chico bridge in Pensacola, Florida
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D.T. Robertson
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W.F. Knight
Florida Department ofTransportation, US

ABSTRACT: This paper details the static and Statnamic load testing on a 600 mm square pre
stressed concrete pile. The pile was located at Pier 15 on the 20 million-dollar Bayou Chico
Bridge Project in Pensacola, Florida. The pile was 10.5 meters long and had a design load of
1.3 MN. Three static load test cycles were performed in November, 1996. The Statnamic load
test was performed in January, 1997. The Davisson failure load of the first cycle of the static
test was 3 .7 MN, and the Davisson failure load of the Statnamic test was 3 .2 MN. The load-
displacement curves for the two types of tests were similar, indicating that the Statnamic load
test performed well in the sandy soils. Strain gauges embedded in the pile showed 35% skin
friction and 65% end bearing for both test methods. Strain gauges were located at equal spac
ing at five elevations in the pile. A toe accelerometer verified the rigid body assumption of the
Unloading Point Method currently used in the analysis of Statnamic load tests. The data col
lected from the pile instrumentation was of excellent quality and represents some of the best re
search to date comparing static and Statnamic load tests.

1 INTRODUCTION

As part of the 20 million-dollar Bayou Chico Bridge Project, State Road 292, in Pensacola,
Florida, the Florida Department of Transportation (FDOT) implemented an extensive load test-
ing program. It included static, Statnamic, and. dynamic load tests. The geotechnical consult-
ants for the load testing were Williams Earth Sciences and Applied Foundation Testing, Inc.
Berminghammer Foundation Equipment performed the Statnamic load tests. Metric and
Beiswenger, Hoch & Associates supplied the design for the bridge structure in cooperation with
FDOT. Figg Construction Services provided the construction engineering and inspection, and
the contractor was PCL Civil Constructors.

The goal of the test program was firstly, to confirm the design capacity of the piles and sec
ondly, to compare the results obtained by the three test methods. Of the three comparisons
made at this site, the results of the static and Statnamic load tests at Pier 15 form the basis of
this paper. Testing at two additional locations will be studied in future papers.

Statnamic load testing has been used extensively in Florida for large diameter bored piles. In
each case, the Statnamic testing was performed as an alternative to static load testing, or as the
only possible testing method. This was due to the high capacity of the shafts and the difficul
ties associated with static testing. Consequently, previous tests programs were unable to pro-
vide static/Statnamic comparisons. The Bayou Chico Project provided an excellent opportunity
for a detailed static/Statnamic comparison and also provided the first Statnamic testing on
driven piles in Florida.

The test piles were 600 mm concrete piles with lengths between 10.5 and 14.0 meters. Static
load tests were performed using a 10.7 MN capacity test frame and eight steel reaction piles (H
piles). The Statnamic tests were performed using a I4MN Statnamic device with a conven
tional gravel catching system. The design capacity of the piles was 1.3 MN.
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The test program recognized the effects of multiple loading cycles on pile capacity and thus
alternated the order of static and Statnamic tests for each pile. Three piles were tested, with a
total of three static tests and four Statnamic tests. Three static load cycles were performed at
Pier 15 on November 26, 1996. The Statnamic test was performed on January 17, 1997.

Each test pile was instrumented with vibrating wire and resistance strain gauges as well as an
embedded toe accelerometer. The data obtained at this site was of excellent quality, and is per-
haps some ofthe most revealing data obtained during a Statnamic load test in recent years. The
importance of this data is largely due to the presence of the embedded toe accelerometer which
provided an opportunity to conduct a detailed investigation of pile top and toe behavior during
Statnamic load testing.

The following table summarizes the Bayou Chico test program.

Table 1. Outline ofload test program (static and Statnamic)
Location Test Method
Pier 15 Static, November 26, 1996

Statnamic, January 17, 1997
Pier 5* Statnamic, February, 1997

Static, March, 1997
Statnamic, April, 1997

Pier 10* Static, July, 1997
Statnamic, August, 1997

*Piers 5 and 10 will be discussed in future papers

2 FOUNDATIONS

2. 1 Soilprofile andproperties

The soils at the Bayou Chico Bridge were comprised of medium to dense, poorly graded sand
with some silty sand. Each of the three test pile locations was investigated using a cone pene
trometer and standard boreholes were performed in the immediate area. The results of a typical
cone sounding are shown in Figure 1 . The Bayou Chico Bridge site was generally uniform in
its soil profile.

Rf (°/ Standard Penetition Test (N)

E

0.

Figure 1 Typical cone sounding Figure 2 Typical borehole and SPT results

Dense sand layers were present at depths of 10—15 meters, with SPT values in the range of 80—
100. A typical borehole log is presented in Figure 2, with SPT values.

Qc (kglcm2) Fs (kg!cm2)

0 100 200 300 400 0 1 2 3 402468 40 80 120

10

12
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2.2 Pile details

The piles used at the Bayou Chico Bridge were 600 mm square pre-stressed concrete piles,typical of piles used on FDOT projects. The three test piles ranged from 10.5—14.0 meters inlength. The test pile at Pier 15 was 10.5 meters long. A cross-section of the piles is shown inFigure 3. Figure 4 shows a picture of aS x 5 pile group.

V Vibrating Wire Strain Gages

• Resistance Strain Gages

• Toe Accelerometer

Figure 3 Pile cross-section

2.3 Instrumentation

Figure 4 Typical 5 x 5 pile group

Each of the three test piles was instrumented with 10 resistance and 10 vibrating wire straingauges, a total of 20 gauges. The vibrating wire gauges were intended as the primary measurement for the static load tests and the resistance gauges were intended for the Statnamic loadtests. The pile cross-section in Figure 3 shows the positions of the strain gauges. The straingauge depths are shown in Figure 5.

1.8 m

O.6m

Level 3

Level 4

• Toe Accelerometer
A Top Accelerometer

Figure 5 Strain gauge depths

The test data was recorded using a MEGADAC data acquisition and signal-conditioning unitwhich recorded the load cell, 3 LVDTs, 10 resistance strain gauges, and the hydraulic jack

Level 1

Level 2

Level 5
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pressure. An independent recording system was also used to record the vibrating wire gauge
response.

Each test pile was equipped with an embedded toe accelerometer (see Figure 3), which was
monitored during the Statnamic test by the MEGADAC. A TNO FPDS-5 was used to monitor
the Statnamic load cell and laser-activated photo-voltaic displacement transducer. An acceler
ometer was used as a backup to the laser sensor, in the event that the displacement exceeded the
sensor capabilities.

3 LOAD TEST METHODS

3.1 Static load test

The static load tests were conducted using a 10.7 MN test frame supplied by FDOT. For each
test pile, eight reaction piles were installed around the test pile at a distance of approximately
five pile diameters (3 meters). Figure 6 shows the static load test configuration.

The reaction piles at Pier 15 were 350 mm steel H-piles which were installed using a diesel
pile hammer. The piles were driven to a depth of approximately 20 meters.

Figure 6 Photo of static load test at Pier 5

3.2 Statnamic load test

The Statnamic load test involved the application ofa short duration load (about 120 ms). Burn-
ing a solid fuel inside the Statnamic device produced high-pressure gas. The attendant force
accelerated a reaction mass upwards at 20g. An equal force was applied to the pile. The reac
tion mass weighed 5% of the desired load.

A schematic diagram of a Statnamic device is shown in Figure 7. The device used at the
Bayou Chico Bridge was a 14 MN Statnamic device (see photo in Figure 8). A more detailed
description of Statnamic load testing is available in Bermingham, 1989.

[1

                     610



CD C
)

CD C
)

0

I

                     611



4 TEST RESULTS AND DISCUSSION

4.1 Static load test atpier 15

Figure 9 shows the results of the static load test performed on the test pile at Pier 15. The test
was performed on November 26, 1996.

LOAD (MN)

0.0 1.0 2.0 3.0 4.0 5.0
0

E 10
E
F
z
LU 20
LU

30

40

Figure 9 Static load test results

The three static load cycles showed a stiffening trend. The Davisson failure load was
3 .7 MN for the first cycle, and increased for subsequent load cycles (3 .8 MN and 3 .8 MN re
spectively). The peak load for the three cycles ranged from 3 .8 to 4. 1 MN, and the peak dis
placement ranged from 10.2 to 16.0 mm. After the third load cycle, the pile had accumulated
30.0 mm of permanent displacement. None of the three load cycles exhibited a dramatic plung
ing failure, but rather a gradual softening.

Figure 10 shows the results of the resistance strain gauges vs. time for the 3rd cycle. The vi-
brating wire gauges yielded similar results for the 1st cycle. The results shown are the average
strain values of the gauges at each depth.

4.0

3.0
z

2.0
C-)

0
LL 1.0

0.0

TIME (s)

Figure 10 Force vs. time from resistance strain gauges for Pier 15

Near the peak load, approximately 35% of the pile capacity was attributable to skin friction
and 65% to end bearing.

4.2 Statnamic load test atpier 15 and comparison with static test
Figure 11 shows the results ofthe Statnamic load test performed on January 17, 1997. The load
test was performed by Berminghammer Foundation Equipment with no prior knowledge of the

0 100 200 300 400
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static load test results. A load of 7.0 MN was targeted. As Figure 11 shows, the actual peak
load achieved was 6.3 MN; much more load than was required to achieve the Davisson failure
load. The shortfall from the target load was due to the very large pile displacement.

LOAD (MN)

0.0 2.0 4.0 6.0 8.0

Figure 11 Statnamic and derived static load-displacement

The measured Statnamic curve is the more rounded curve in Figure 1 1, while the other curve
is the calculated static behavior of the pile using the Unloading Point Method (3). Sometimes
called the ‘derived static’ curve, this graph shows the load-displacement relationship with the
inertia and damping forces removed from the measured Statnamic force.

Figure 12 shows force vs. time as measured by the load cell, as well as the inertia and damp-
ing forces vs. time.

Figures 19 and 20 shown later in this section, depict the acceleration and velocity of the pile.
Note that these figures are the same shape as the inertia and damping forces shown in Figure
12.

The inertial forces were calculated by multiplying the pile mass by the measured pile accel
eration. The damping forces were calculated by multiplying a damping constant by the veloc
ity. The damping constant was derived using the Unloading Point Method (4). A linear rela
tionship between velocity and damping was assumed. The peak inertial force was —2.8 MN,
and the peak damping force was 0.5 MN. These peak values alone are not sufficient to under
stand the Statnamic loading event. As Figure 12 shows, the full inertial and damping time his
tories are necessary. This Statnamic load test has unusually high inertia and damping forces
due to the large displacement.
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z
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w
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TIME (ms)
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Figure 12 Measured force, inertial force, and damping force vs. time

To find the static soil resistance (or ‘derived static’) force curve, the damping and inertial
forces were subtracted from the measured force. The resulting curve is shown in Figure 13,
along with the measured force. This force curve was used to produce the ‘derived static’ load-
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displacement, shown in Figure 1 1 . The ‘derived static’ curve shows a loading rate that isslower than the measured load, and an unloading rate that is faster.
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0.0

0

Figure 1 3 Measured force and derived static force vs. time

When plotted on the same graph the derived static curve and the three static load tests showvery similar behavior, as shown in Figure 14.
The static and Statnamic curves appear different due to the large movement of the pile during the Statnamic load test. The loading and unloading portions of the curves are similar.
Figure 15 shows the results from the strain gauges for the Statnamic test at Pier 15. The re

suits shown represent the average strain values of the two gauges at each elevation in the pile.

LOAD (MN)
0.0 1.0 2.0 3.0 4.0 5.0 6.0 7.0

Figure 14 Static and Statnamic derived static
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Figure 15 Statnamic force and strain gauge results
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The curve showing the highest force in Figure 1 5 is the force measured by the load cell. The
other curves represent the calculated force at each level of strain gauges. To calculate force,
the measured voltage signals were converted to micro-strain using the manufacturer-supplied
calibration factors, and introducing an elastic modulus of 34.5 GPa and a cross sectional area of
0.37 m2.

The data displayed in Figure 15 was of interest for many reasons. Firstly, having strain
gauges embedded in a pre-cast pile meant that no assumptions were needed for the cross-
sectional area. For bored piles, strain gauge results must be interpreted more carefully for this
reason. Also, the elastic modulus for the concrete could be checked against the force measured
in the load cell. In this case, the first level of strain gauges was only 2.7 m from the load cell,
allowing for an accurate ‘calibration’ of the elastic modulus. The value of 34.5 GPa, may seem
higher than expected but is not unreasonable. The rate of loading might also serve to increase
the observed elastic modulus, as does the reinforcing steel. In Figure 10, an elastic modulus of
only 3 1 GPa was used. The age of the concrete combined with the faster loading rate of the
Statnamic test could have accounted for this difference.

A notable aspect of Figure 15 is the lag between the peak force at the top of the pile and the
bottom of the pile. In previous studies, this time lag has been associated with the compressive
wave speed in the pile material (2). For this pile, it became apparent that the compressive wave
speed was not the cause ofthe lag.

Assuming a wave speed of 4000 mis, and given a pile length of 10.5 meters, the time for a
compressive wave to travel from the top to the bottom of the pile is only 0.002—3 s. The ob
served time lag (O.O25 s) is obviously greater so an alternate explanation was necessary.

It is proposed that the time lag was indirectly caused by the large displacement of the pile.
Just as a force applied at the top of the pile caused a force distribution downward, the pile pene
trating the soil and increasing in capacity caused a force distribution up the pile. This should
not be confused with stress wave phenomena, as both the downward and upward forces were
distributed at a speed well below the compressive wave speed in the pile material. The result-
ing superposition ofthese two force distributions causes the time lag in the strain signals. It has
been shown in previous studies that Statnamic tests with smaller displacements do not have
time lags as large as those seen in Figure 15 (2).

The displacement at the top of the pile would have normally been measured using the laser
sensor, but due to the large displacement, the maximum travel of the sensor was exceeded at
approximately 55 mm. The back-up accelerometer was used to derive the displacement at the
top ofthe pile.

The embedded toe accelerometer performed well, and the signal produced a high quality dis
placement curve. Figure 16 shows both the top and toe displacement curve as well as the force
vs. time.
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Figure 16 Top and toe displacement and measured force vs. time

Figure 16 shows the time lag between the peak foróe and the peak displacement. Notice that
the peak displacement occurs at nearly the same time as the peak force at the toe of the pile (see
Figure 15).
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Figure 17 shows the load-displacement curve for the top of the pile, as well as the load-
displacement using the toe accelerometer (from Figure 16) and the bottom level of strain
gauges (from Figure 15).

LOAD (MN)
0.0 1.0 2.0 3.0 4.0

0

20

z
40

w

5.0 6.0 7.0

Figure 17 Load-displacement at the top and toe of the pile

Note that the load-displacement at the toe of the pile is very similar in shape to a static load
test. This is due to the minimal effects of pile damping and inertia at the pile toe. The load-
displacement at the pile toe can also be compared to the ‘derived static’ load-displacement (see
Figure 18).
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Figure 1 8 Load-displacement at the pile toe and derived static load displacement

Figures 19 and 20 show the velocity vs. time and the acceleration vs. time at the top and toe
of the pile. In each figure, the slightly larger peak values belong to the pile top. Note the simi
larities between the pile top and pile toe behaviors.
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Figure 19 Pile top and toe velocity vs. time
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Figure 20 Pile top and toe acceleration vs. time

Figures 19 and 20 support the rigid body assumption of the Unloading Point Method. It also
proves the absence of stress wave effects. This assertion may not be true for piles with lengths
greater than approximately 50 m (4).

5 CONCLUSIONS

Firstly, it should be concluded that the test pile at Pier 15 achieved the required capacity based
on the Davisson failure load of both the static and Statnamic load tests. The required capacity
of 2.6 MN (2 times design) was below the capacity determined by the first cycle of the static
load test (3 .7 MN). The Davisson failure load of the Statnamic test was 3 .2 MN.

Secondly, it can be concluded that the static and Statnamic load tests produce similar results.
The Statnamic test was taken to a load far exceeding the Davisson failure load and subse
quently produced a large permanent displacement (80 mm). The static tests were taken to
lesser loads, but the load-displacement behaviors were similar. The first cycle of the static load
test produced a somewhat softer response than the subsequent cycles, indicating some increase
in capacity due to the testing. The ‘derived static’ curve from the Statnamic test suggested that
the pile was gaining capacity as more load was applied.

Both the static and Statnamic strain gauge results showed that approximately 35% ofthe pile
capacity was skin friction and 65% was end bearing. This indicated that the load distribution in
the pile was not affected by the loading rate.

In addition to the above conclusions, the testing on Pier 15 showed that the Unloading Point
Method used in the analysis of the Statnamic test was a valid method. The similarity between
the movement at the pile top and the pile toe (provided by the toe accelerometer) indicated that
the pile essentially moved as a rigid body.

The agreement between the static load test and the ‘derived static’ curve from the Statnamic
test indicated that the effects of loading rate are not significant in this soil.

The testing at Pier 15 of the Bayou Chico Bridge Project supports the use of Statnamic test
ing for driven piles in sand. Further testing on this site will be explored in future papers.
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Lateral Statnamic load testing: A new method for evaluating
lateral load capacity

D. T. Robertson & M. K. Muchard
Applied Foundation Testing, Green Cove Springs, Florida, USA

A. G. Mullins
University ofSouth Florida, Tampa, Florida, USA

ABSTRACT: The Statnamic test method was originally developed as a method for evaluating
axial capacity; however, in the last 3 years a new application for the device has been developed.
In October 1994, the North Carolina Department of Transportation became the first to perform
lateral Statnamic load testing of drilled shafts. Brigham Young University, the Utah DOT and
the FHWA followed in 1996 with lateral load tests performed on a group of pipe piles. This
testing was done to evaluate foundations under ship impact and earthquake type loading since
the force-time pulse generated by the Statnamic device is on the same order of magnitude and
frequency. Since that time, the lateral Statnamic test and associated data acquisition systems
have been refined and improved. These improvements allow the collection of data in zones of
influence while maintaining cost savings over more traditional methods. Tests using these im
provements have been most recently performed in Pascagoula, Mississippi as part of a design
phase load test program for the Mississippi Department of Transportation.
The paper will describe the test method, describe the equipment utilized to generate the lateral
load, describe the data acquisition equipment and present an overview of the results from the
most recent test site.

1 iNTRODUCTION

Static lateral tests are commonly used to assist in the design of foundations subjected to lateral
loads. However, lateral loads are typically generated by various events, which include high
wind, earthquakes, impacts from various types of vehicles and numerous other static and dy
namic sources. Traditionally, geotechnical and structural engineers have used static lateral test
as a guide to the structural response for a dynamic event. Static tests provide data which is used
to fine tune computer models such as COM624P, LPILE and Florida PIER. These computer
programs estimate the static response of a foundation or structure based on the static properties
of the soil and neglect the additional capacity available from the dynamic soil strength and
structure response.

Recently, more attention has been placed on the dynamic properties of both soil and the
structure. The high costs associated with the construction of foundations and structures to
withstand lateral forces have justified more in depth testing and analysis. The Statnamic test
method is considered a viable method for generating dynamic lateral loads because of it’s abil
ity to impart relatively high loads over a time frame similar to that generated by ship impacts,
earthquakes and transient wind loads. Load pulses can last up to 200 milliseconds and are ca
pable of generating lateral forces of 2000 tons. Figure 1 shows a typical force time history for
a lateral Statnamic test.
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Figure 1. Force-time trace, lateral Statnamic test.

In 1994, the North Carolina Department of Transportation performed the first Statnamic lat
eral testing. Several tests were performed using a 67-ton Statnamic device on a single drilledshaft during a design phase load test program for the Neuse River Bridge in New Bern, NorthCarolina. In 1996, Brigham Young University, the Utah Department of Transportation and theFHWA performed lateral Statnamic tests on a group of instrumented pipe piles. This test util
ized a 1600-ton device without reaction masses and generated lateral loads of up to 250 tons.Both test programs were performed on land. In 1996, the Mississippi Department of Transportation began planning for a design phase load test program for the US 90 Bridge over the EastPascagoula River. Large lateral load requirements were imposed on this bridge mainly due tovessel impact. Statnamic lateral load testing was specified to better model these conditions.
This program included 15 Statnamic tests with loads of up to 823 tons. To the authors knowledge this is the largest lateral test program to date.

Dan Brown, Ph.D., P.E. under a contract with the FHWA and the Alabama Department ofTransportation also began investigating the dynamic response of foundations. In April 1997,
lateral Statnamic tests were performed at the Auburn University test site located in Opelika,
Alabama. Four tests were performed on 36-inch diameter drilled shafts. The tests were per-
formed using a 450-ton Statnamic device on shafts, previously, tested using static methods.
The Statnamic tests were performed in the opposite direction of the static test to minimize soildisturbance. During the static tests, care was taken not to induce large permanent plastic deformations, which may have affected the results of the Statnamic tests. Figure 2 shows an example
ofthe 450-ton Statnamic test setup at the 1997 GEOLOGAN conference.

Figure 2. Lateral Statnamic test- 1997 GEOLOGAN conference.
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2 STATNAMIC EQUIPMENT

The Statnamie test equipment consists of three essential parts, the piston, the cylinder/silencer
assembly, and the reaction masses. Before the test method can be described, the reader must
understand the function of each piece.

2.1 The piston

The Statnamic piston is the most important part of the system. The piston includes a fuel cham
ber, where the fuel is ignited and burns, generating a gas, which accelerates the cylin
der/silencer assembly away from the piston. The piston also contains a load cell and laser dis
placement sensor which provide the load and displacement signals. Figure 3 shows a picture of
the 1600 ton piston used for the Utah and Mississippi test programs being loaded with fuel.

2.2 The cylinder/silencer assembly

The cylinder/silencer assembly fits over the piston and forms a pressure chamber. Gas gener
ated in the chamber moves the cylinder off the piston. The base of the cylinder has a large
flange, which serves as the support for reaction masses. The silencer portion of this assembly
acts as a large muffler. This portion of the device allows the gas to expand and vent in a con
trolled manner. The silencer reduces the report of the device. Figure 4 shows the 1600-ton cyl
inder/silencer assembly.

Figure 3. 1600 ton Statnamic piston.

Figure 4. Cylinder/silencer assembly being inserted into masses for lateral testing.
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2.3 The reaction masses

The “doughnut” shaped rings are constructed of concrete and steel. They typically have a mass
equal to 5 to 8 percent of the target maximum load for an axial test. For lateral testing, this ra
tio can be much greater. Figure 4 shows the cylinder/silencer assembly being inserted into the
reaction masses.

3 THE TEST METHOD

3 . 1 Basic Statnamic principles

The Statnamic test method uses two basic principles. The first is that for every action there is
an equal and opposite reaction. The second is that force is equal to mass times acceleration.
Currently Statnamic equipment can generate test loads ofup to 3400 tons.

Fuel is burned inside the piston to generate a gas. The quickly forming gas pressure forces
the cylinder/silencer assembly with the reaction masses to accelerate up to twenty times the ac
celeration of gravity, in turn producing a equal and opposite force acting downward on the
foundation. The downward force can be defined as:

F=ma (1)

where m = the reaction mass and a = the upward acceleration ofthe reaction masses.
The load cell measures the forces acting on the foundation. As the piston and foundation move,
the laser sensor measures this movement relative to a stationary laser beam. A laser projector
positioned forty to sixty feet away from the test area generates this laser beam.

An accelerometer is also mounted on the piston or foundation to measure acceleration and to
act as a backup to displacement measurement system. During the test, the load cell, laser dis
placement sensor and accelerometer signals are measured by a data acquisition system inter-
faced with a laptop computer.

3 .2 The lateral Statnamic test

The lateral Statnamic test uses these basic principles to generate lateral loads. The only differ-
ence between the axial test and the lateral test is working on a horizontal plane instead of a ver
tical plane. This means that additional reaction mass must be used to make up for the loss of
the gravity induced forces (19 g’s vs. 20 g’s).

To overcome working on a horizontal plane a sled was constructed. This sled supports the
reaction masses and cylinder/silencer assembly. The sled is allowed to slide in a runway, which
runs on the same axis as the test. Rollers are used under the sled to eliminate soil disturbance
near the test shaft due to friction generated between the sled and runway surface. For over wa
ter tests the runway can be constructed on a barge. For safety, rails are placed on either side of
the sled. However, the large inertia of the sled produces a relatively straight travel path. Figure
5 shows the sled and barge track.

The Statnamic load is transferred to the foundation through a hemispherical bearing. The
spherical bearing reduces eccentric loading and corresponding moments. Figure 6, shows the
base of the piston and the spherical bearing configured for a lateral Statnamic test at the Pasca
goula, Mississippi site.

3. 3 Instrumentation

Additional instrumentation is necessary to monitor the lateral displacement at points of interest.
This instrumentation can include potentiometers, accelerometers and resistance type strain
gauges. To allow the monitoring of displacement of a shaft or pile at various levels, a down
hole linear motion sensor was developed by Gray Mullins, Ph.D., P.E. of the University of
South Florida. This string of sensors uses traditional slope inclinometer casing. The acceler
ometers are mounted on specially constructed carriers, which can be tied together and placed at
various locations.
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Data from the various sensors is recorded using a high-speed data acquisition system. This
system can monitor at rates of 250,000 samples per second. For Statnamic testing, data is nor-
mally acquired at rates of 2,000 to 5,000 samples per second. This acquisition rate can vary de
pending on the numbers of channels that are monitored and the length of sampling.

4 THE US-90 BRIDGE OVER THE PASCAGOULA RIVER LOAD TEST PROGRAM

The lateral Statnamic tests done at this site were part of a design phase test program. The load
test program was performed to provide better design information for the foundation of the new
US 90 over the Pascagoula River Bridge. The program consisted of the construction and test-
ing of two concrete piers. The first pier was founded on a 2 X 3 pile group. The piles were 30-
inch, square, pre-stressed concrete. The second pier was founded on two 84-inch diameter
drilled shafts. The piers were constructed to allow a jack system to be placed in between for
lateral static testing. Sufficient space was left outside the piers to allow barge access for the lat
eral Statnamic testing.

In addition to the lateral testing, static tests were performed on one drilled shaft and one 30-
inch concrete pile. A 54-inch diameter, post-tensioned, concrete pipe pile was also driven and
dynamically tested.

Statnamic testing was performed after all other testing was completed. During static testing,
loads were controlled to prevent large permanent plastic deformations. Measurements taken af
ter the completion of static testing show a permanent lateral displacement of ‘4 inch for the
driven pile group and % inch for the drilled shaft group.

Fifteen lateral Statnamic tests were performed at the Pascagoula site on both the strong and
weak axis of each group. Instrumentation for each pier included strain gauges embedded within
the piles and shafts, accelerometers mounted at various points of interest around the piers, po
tentiometers mounted on a fixed reference beam and two strings of down hole linear motion
sensors. Applied force was measured using the load cell contained within the Statnamic piston.

Figure 6. Spherical bearing.

Figure 7. Mississippi set up.
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4.1 Test results

Analysis of the data obtained during the lateral Statnamic testing is being performed by the Au-
burn University Highway Research Center under the direction of Dan Brown, Ph.D., P.E. This
paper will present some of his initial analysis. The full results are being presented to Missis
sippi Department of Transportation and should be available in the future.

Figure 8 shows a time history plot of the applied Statnamic load, lateral translation and ac
celeration for a typical lateral Statnamic test on the strong axis of the drilled shaft pier. The re
suits show a damped harmonic response, which dissipates relatively quickly due to the large
damping in the system. This also shows the pier cap was subjected to a maximum force of 823
tons and accelerated to a maximum acceleration of 1.3 g’s during the loading. The cap had a
maximum displacement of 2.25 inches.

Figure 8. Lateral translation & acceleration.

The resistance to the Statnamic load has three components, which can be modeled as a single
degree of freedom system.

The equation ofmotion is defined as:

F=ma+Fd+FS
(2)

where, F = applied force, tons; m = mass ofthe foundation; a = acceleration in g’s; Fd = damp-
ing force, Cv, tons; F = static soil resistance, Ku, tons; C damping coefficient, tonlft./sec; v
= velocity, ft./sec.; K = static stiffness, tons/in; and u = displacement, in.

Using this model, C and K can be adjusted until a modeled displacement and acceleration re
sponse matches the measured response similar to other signal matching techniques. Figure 9,
shows the modeled acceleration and displacement response compared to the measured.

Once C and K are calculated, the damping force and static soil resistance can be calculated.
Figure 10 shows the Statnamic load, the calculated static soil resistance, the calculated damping
force and the calculated inertia force.

The pier translation for the calculated and measured static soil resistance should be similar.
Figure 1 1 shows the peak calculated static soil resistance for the 5 tests done on the shaft group
vs. pier translation measured during the static test. This match quality suggests that it is possi
bie to use Statnamic lateral tests to derive static lateral response. The derived static lateral re
sponse model is sensitive to the mass used in the computation as well as the subjective fitting
of the K and C parameters by the engineer.
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Figure 10. Statnamic forces.

Figure 12 shows a plot ofthe strain gauge data obtained from an instrumented pile. The Stat-
namic strain response is taken from a moment in time corresponding to the peak strain. For this
loading the maximum total calculated static resistance plus the soil damping was 500 tons. The
static strain data shown is taken from the maximum loading of 440 tons. The strain data is of
opposite sign because the tests were performed in opposing directions.
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Figure 11. Derived Statnamic & static translation versus lateral load.

Figure 12. Strain versus depth, Pile 5.

feet

The axial forces in the pile can be derived from the strain gage data. Figure 13 shows the de
rived axial force in the pile. Once again, the results are similar except for the opposite signs.
The bending moment can also be derived as shown in Figure 14. Here the pattern is again simi
lar, but with opposite signs.
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Figure 14. Moment versus depth, Pile 5.

Figure 13 . Axial load versus depth, Pile 5.
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5 CONCLUSIONS

The lateral Statnamic test method has been developed into a viable design and testing tool. The
developments of both the loading and data acquisition equipment have progressed beyond the
experimental stage. Figure 1 5 shows a lateral Statnamic test in progress.

Since the lateral Statnamic test method does not require a second foundation on which to re
act, it is more economical and can be performed in less time then the traditional lateral static
method. The lateral Statnamic method can also provide much higher loads than the traditional
static load test. The test also provides damping values, which are not provided by a traditional
static test.

The calculated static soil resistance appears to provide good agreement with the measured
static soil resistance. The lateral Statnamic test also provides dynamic soil response which, to
date, has not been examined.
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Summary

Dynamic replacement (DR) is a relatively new ground-modification technique that has been used
successfully to stabilize organic soil deposits by replacing the organic soil with sand columns. A
full-scale DR field study was conducted in order to assess its effectiveness on Florida organic soils.
A computer-based quality control system was developed using data-acquisition-management
techniques to evaluate the degree of improvement of the organic soil layer at a given stage of
treatment. One of the DR drop locations was instrumented in order to select technical criteria such
as the print spacing and the number of blows per print for effective DR implementation, and to
facilitate monitoring of the improvement of soil properties. The new quality control system
evaluates the effects of treatment by computing the dynamic settlement modulus (DSM) from the
impact acceleration data collected during the treatment period. This paper presents the results
obtained from the pilot study and their subsequent use in establishing evaluation criteria for the test
programme. It is also shown how the DSM-based treatment criteria are in agreement with those
obtained from conventional methods. Hence, it is concluded that with the use of the quality control
system presented, the implementation of any DR programme can be effectively monitored.

Keywords: Dynamic replacement; organic soil; data acquisition; data management.

Introduction

Organic soils are abundant in Florida, with two million acres existing in a single deposit
known as the Everglades (Thomas, 1965). These organic-rich soils are generally referred
to as ‘muck’, and when high in organic levels ( . 75%) as ‘peat’. When this organic
material is encountered within proposed roadway alignments, it is often regarded as an
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undesirable foundation material for highways due to its high compressibility and poor
strength. Surcharging is one technique used to preconsolidate and stabilize such material.
However, when surcharging is deemed impractical, complete excavation or ‘demucking’ is
sought. Clearly, a timely and cost-effective treatment alternative is desirable.

The commonly used dynamic compaction is typically confined to loose natural soil
deposits and miscellaneous fill materials (Lukas, 1992). However, several dynamic
replacement (DR) case studies have been reported that involve the application of low- and
high-energy impacts onto organic soil deposits that are overlain with sand surcharges. Lo
et al. (1990) report that, by using a combination of low-energy impacts followed by high-
energy ones, a peaty clay deposit can be transformed into an upper sand raft with pockets
of peaty sand underlain by a fairly uniform layer of mixed sand and peat. They further
report that both layers exhibit relatively insignificant secondary compression character-
istics. In an earlier study on peaty clay, Ramaswamy et al. (1979) report improvements in
both strength and consolidation characteristics of the site studied as a result of high-energy
impacts. Ramaswamy et al. (1979) also note the procedure’s cost effectiveness over other
alternatives and estimate potential savings of 30%.

Field study site

The DR field study site selected is located in Plant City, Florida, USA. The site, owned by
the Florida Department of Transportation (FDOT), is adjacent to Interstate I-4 in Eastern
Hillsborough County. In order to conduct the study, an area of the site of 0.2 ha was
cleared and filled with approximately 1–1.5 m of sandy fill material (approximately 7%
fines). This material acted as a foundation for the crane and cone truck and as initial
replacement material for the dynamic replacement process. The cleared study site with the
fill material placed is shown in Fig. 1. The extent of the organic deposit at the site satisfied
the requirements of the project, being representative of what is typically encountered in
highway construction alignments. In fact, the site itself is expected to become a part of a
scheduled I-4 on-ramp (slip road) to be constructed in the summer of 1996.

The thickness of the surficial organic deposit at the site varied from approximately
0.91 m to 1.83 m. The site was characterized as primarily amorphous in nature having an
organic content of 95%.

Dynamic replacement programme

The dynamic replacement testing programme was conducted using two drop weights. One
– specifically designed for the DR process – was fabricated out of 25 square steel plates
4.93 cm high; its total height was 1.26 m with a square base of width (b) 0.61 m and it
weighed 3.64 tonnes. The other weight which was used for the final smoothing pass was
1.22 m in diameter and weighed 5.09 tonnes. Hayward-Baker, Inc. acted as technical
advisor and provided the contractorial services for this project, including the second
weight, crane and crane operator. The crane used to lift the weights was a model 50
manufactured by Northwest Engineering; it had a 23.5 m boom and a lifting capacity of

284 Stinnette et al.
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90.91 tonnes. The drop location pattern was hexagonal so as to maintain a constant spacing
between the drop locations. The centreline spacing between the drop locations was
determined to be 2.44 m, which corresponds to 4 times the hammer base (4 3 b). The
rationale for the selection of this spacing will be addressed later in the paper. The pattern
consisted of 19 drop locations identified by coordinates, (0,0), (0,1), set with respect to two
sides as shown in Fig. 2. Drop location (1,3) was selected as the point to be fully
instrumented. The instruments included: (1) an accelerometer attached to the falling drop
weight, (2) three laser diode photoelectric cells to determine velocity and drop hammer

Fig. 1. Cleared and filled study site in Plant City, Florida.
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efficiency, and (3) five inclinometers to show lateral deflection and provide guidelines for
spacing criteria. Additionally, cone penetration tests were performed before and after each
impact. Figure 3 shows a boring log, typical of the site, taken at the pilot study location
(1,3) after the fill was placed. The pilot study testing programme, instrumentation and
monitoring schemes employed will be discussed in the following section.

Pilot study instrumentation and monitoring programme

Test programme

Dynamic replacement of the pilot study location consisted of two passes – the first with a
relatively low energy and the second pass with a higher energy. However, in order to
ensure that the drop weight would not be irrecoverable due to excessive penetration and
the subsequent development of suction forces, it was decided to employ a lower drop
height during the first pass, the result of which is a low applied energy. The initial drop
height selected for the first series of drops was 6.1 m. This choice was based on a new
approach that predicts the crater depth of a dynamic replacement drop hammer after the
first impact (Mullins et al., 1996).

After each impact, clean sandy fill was used to fill the resulting crater. After five drops
it was seen that the drop weight was easily recoverable, and the drop height was raised to
12.2 m. The drops were continued until the energy (number of blows) required to reach the

Fig. 2. Hexagonal test pattern with the drop locations identified by coordinates.
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desired level of improvement was identified. The analytical techniques used to monitor the
improvement and the associated computer data acquisition system are discussed below.

Computer interface and programming

The data acquisition and analysis system used includes a 486–33 MHz microcomputer
with 20 megabytes of random access memory (RAM). The computer interface with the
transducers was by a AT-MIO-16F-5 multifunction interface board. It contains a 12-bit
analogue to digital converter (ADC) which can sample up to 16 separate single-ended (SE)
analogue inputs or eight channels of differential input (DI) at 200 kilo-samples per
second.

Visual Basic 3.0 Windows-based programming software was used to interface the data
acquisition board to the microcomputer. Visual Basic communicates with the selected data
acquisition board through the use of NI-DAQ Windows. NI-DAQ Windows is a Windows
3.1 Dynamic Link Library (DLL) that includes functions for controlling the data

Fig. 3. Boring log taken at pilot study location (1,3).
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acquisition board for the AT microcomputer. Through the use of this DLL, executable
programs were developed using Visual Basic for the field DR tests performed.

A data-management system for organic soil (DMSOS) was developed to enable the
acquisition, management and analysis of organic soil data as well as the presentation of
results to be conducted effectively through a common interface. It is through this interface
that data acquisition is initiated. The interface was also written in Visual Basic and
incorporates data management through interaction with ACCESS, a relational data base
(RDB), and analysis and presentation through Excel, a programmable spreadsheet. Details
of the DMSOS structure and its operation are found in Stinnette (1996). Figure 4 shows the
data-acquisition–user interface. It is on this screen that the user provides pertinent test
information such as an output filename and sets the test options desired for the specific
test.

All test results obtained at the study site, by manual observation or by manipulating the
stored digital data file, are stored in the ACCESS database where they can be easily
retrieved, analysed and graphically presented through the combined interactive use of
Visual Basic programming and Excel macro programming.

The computer containing the outlined data acquisition and monitoring system was
operated from a truck on the site. All of the instruments were battery operated. The
computer was powered by a gas generator and was also equipped with a back-up battery
power supply.

Fig. 4. Dynamic replacement data acquisition screen.
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Instrumentation of pilot study location

Drop hammer velocity determination. To determine the velocity of the drop hammer at
impact, three laser diode photoelectric cells were used, mounted along two vertical poles
at predetermined heights. This configuration is shown in Fig. 5. The drop weight obstructs
the photocell beams at these predetermined heights and since the photocell beams are
located at a known distance apart and the time interval between the breaks are recorded by
the data-acquisition system, the instant velocity, V, can be determined.

Fig. 5. Weight positioned between poles with mounted laser photocells.
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The efficiency factor, h, for the crane can be defined as the ratio of the present kinetic
energy to the original potential energy as follows:

h 5
Ek

Ep
5

V2

2gh
(1)

where h 5 efficiency factor, Ek 5 kinetic energy at impact, Ep 5 potential energy at start,
g 5 acceleration due to gravity (m s–2), h 5 drop height (m), and V 5 velocity at impact
(m s–1).

Then h can be computed from Equation 1, knowing V. The average efficiency factor for
the crane was determined to be 81%. The reduction of efficiency may be attributed to cable
drag, drum resistance and sheave resistance. However, the above value agrees with
reported values of 80–90% for that of typical production cranes (McMullin, 1994).

Impact velocity was also determined by video-recording the impact. Standard video
cameras capture frames at the rate of 30 per second. Once the video footage was taken, the
measured velocity can be ascertained by determining the number of video frames required
to capture the complete impact process. Then, with the drop height (h) known, and letting
each frame represent 1/30th of a second, the velocity, V, can be calculated as:

V 5
2h
t

(2)

where h 5 drop height (m) and t 5 drop time interval (s). The efficiency (Equation 1) was
determined to be 83% by this method. This is in strong agreement with the value
previously determined through the use of the laser diode photoelectric cells.

Acceleration determination. The 3.64 tonne drop weight had a piezoelectric accelerometer
attached to its top. The transducer was connected by wire to the data-acquisition system
described previously. When the first photoelectric cell beam sensed the falling drop
weight, the data-acquisition system was initiated. Measurements were recorded during the
impact for 1 s and were then stored in the computer. During testing, the acceleration versus
time graph was automatically plotted on the screen (Fig. 4). The values of acceleration,
velocity and displacement versus time were calculated and plotted using an Excel
spreadsheet. Figure 6 shows those graphs for a typical high-energy impact (12.1 m drop
height).

As seen in Fig. 6, there are irregularities in the deceleration record. These irregularities
have been previously reported during dynamic compaction and most probably reflect the
reverberation of seismic waves bouncing through the drop weight (Mayne and Jones,
1983). This phenomenon was probably amplified due to the fact that the drop weight was
composed of 25 separate plates which, although welded along the edges, had their own
degrees of freedom.

Shear-resistance by cone penetration tests (CPTs). The FDOT provided use of their cone
truck for the cone resistance comparisons for the pilot study location. CPT’s were taken to
a maximum depth of 7.6 m, initially and after each impact for the pilot study location. The
first profile, CPT-0, represents the initial conditions at the pilot study location. Values for
CPT-1 to CPT-5 were obtained after a total of five low-energy blows, and for CPT-6 to
CPT-20 after 15 high-energy ones. For ease of comparison, Fig. 7 shows the resulting plots
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when CPT-0 to CPT-20 are plotted on a single graph. Only the first 3.0 m of the cone
profiles are shown in the graph so as to emphasize the position of the organic layer. The
top horizontal line on the graph represents the measured crater depth before each CPT. The
second and third horizontal lines delineate the limits of the organic layer. As can be seen
in Fig. 7, the organic layer was initially 1.7 m deep, but by the 20th blow it had diminished
to 0.12 m deep. This is attributable to (1) the vertical compression of the organic layer, and
(2) the lateral expulsion and compression of organic material into the area surrounding the
impact zone. Lateral compression of the organic layer can be more clearly observed by
means of the inclinometer data taken at the test site.

Inclinometer/settlement monitoring systems. Four inclinometer casings, I/S-1, I-4, I/S-2,
and I-4 were installed at radial centreline distances of 1.22 m, 1.83 m, 2.44 m and 3.66 m,
respectively, from the pilot study location (1,3). Figure 8 shows the position of each of
these systems around the pilot study location. Each of these casings were installed to a
depth of 9.14 m. Two of these systems, I/S-1 and I/S-2, were also instrumented with
magnetic settlement monitoring systems.

The inclinometers were read initially and after each of the 20 impacts. Figure 9 shows
the final inclinometer results for each of the four inclinometers. Figure 9 demonstrates the
amount of lateral ground compression and hence the extent of overall improvement as a
result of the 20 applied impacts. Inclinometer I-1, located at a distance of twice the
hammer base (b) from the centreline of the pilot study location, is seen to have deflected

Fig. 6. Acceleration, velocity and displacement graphs for a typical high-energy impact (12.1 m
drop height).
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Fig. 7. All cone penetration tests taken at pilot study location (1,3) (initially and after each blow).
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0.20 m. Hence, the test pattern spacing criterion of four times the hammer base (or 2.44 m)
was selected to allow for the development of an interference zone of laterally compressed
organic soil of approximately 0.4 m at the midpoints between successive print positions.
This magnitude of an interference zone will ensure substantial treatment of the
intermediate ground as well.

Analysis of pilot study results

As mentioned in the preceding text, a spacing of 4 3 b or 2.44 m was selected. It was also
determined that an initial low-energy pass was required to avoid excessive penetrations
and alleviate the development of suction forces, which could make the drop weight
potentially unrecoverable. However, a more in-depth analysis and comparison of the pilot
study results led to the decision to use a minimum of 10 high-energy impacts. The primary
quality-control criterion used to evaluate the improvement of the organic soil layer was the
computation of the dynamic stiffness of the soil based on the dynamic settlement modulus
(DSM). Concurrent inspection of the change in measured crater depth per blow also
provides insight as to when the desired level of improvement has been reached. These
criteria were independently verified by examining the gradual compression of the organic
soil layer as indicated by the CPT profiles. The method of analysis used for determining
the DSM and a comparison of the various test results obtained for the pilot study location
follows.

Dynamic settlement modulus (DSM) approach

As described in the subsection ‘Acceleration determination’, by employing data
acquisition techniques and the DMSOS, magnitudes of velocity and displacement can be
calculated from the digitally stored acceleration impact record. This procedure is processed
by the EXCEL spreadsheet as follows. First, the acceleration record is integrated once with
respect to time to obtain the impact velocity record, V, as

Fig. 8. Plan view of positions of instrumentation systems around the pilot study location.
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V 5 Et
0

a dt 1 ÎhVth (3)

where a 5 acceleration, Vth 5 theoretical velocity at moment of impact (t 5 0) and
h 5 system efficiency (Equation 1).

The impact velocity record is then integrated to obtain the displacement record. The
record of impact stress, s, is then calculated from the acceleration record, a, as

s 5
ma
A

(4)

where m 5 mass of the drop weight, and A 5 base area of the drop weight.

Fig. 9. Final lateral deflections at depth measured with inclinometers at 1.22 m, 1.83 m, 2.44 m,
and 3.66 m from the pilot study location.
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The ratio of the instant displacement to the drop weight’s equivalent diameter, Do,
(relative displacement) was then plotted against impact stress, s. The dynamic settlement
modulus, DSM, is defined as the slope of the tangent of the loading portion of the impact-
stress–relative-displacement curve and is given by

DSM 5
Ds

DS d
Do
D (5)

Figure 10 shows the resulting impact stress versus relative displacement plot and the value
of the DSM for a typical high energy impact.

Poran et al. (1992a) outlined the use of this technique for the quality control of dynamic
compaction on dry sand, and report that the DSM values obtained from experimental tests
conducted in the laboratory have shown good correlation to soil densities and that the
relative change in DSM values was found to be proportional to the rate of densification
(density increase as a function of number of drops).

The values of the DSM versus blow number are plotted for the pilot study location in
Fig. 11. As can be seen from the Figure, the DR was more effective in the first 15 drops,
while after that there is a small relative increase in the DSM, corresponding to little
additional improvement. The same trend was seen by Poran et al. (1992a).

In order to correlate the DSM results to the improvement of the organic layer, the
organic layer thickness obtained from the CPT profiles and measured crater depth were
plotted against the blow number (Fig. 12). It can be seen that the thickness of the organic
layer, initially 1.70 m, is reduced to only 12 cm after 15 blows. No additional compression

Fig. 10. Impact stress versus relative displacement.
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Fig. 11. DSM versus blow number for the pilot study location.

Fig. 12. Measured crater depth and depth of organic layer versus blow number.
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of the organic layer is seen to occur as a result of the last five blows. This observation is
in agreement with the improvement shown by the DSM approach where there is very little
improvement after the 15th blow (Fig. 11).

The measured crater depth is seen to increase initially during both the low-energy
impacts (blows 1–5) and the high-energy ones (blows 6–20). However, after reaching a
peak value, the crater depth decreases with each additional blow. This behaviour
corresponds to a gain in the density of the sand column and is shown by the soil resistance
to penetration (Fig. 12). In order to observe this trend more clearly, a plot of the change
in crater depth per blow is shown in Fig. 13. The soil density is seen to increase as the
change in crater depth approaches an asymptotic value near zero around the 15th blow.
This trend is also in agreement with the DSM results.

Hence, by comparing Figs 11, 12 and 13 it can be seen that the DSM in fact provides an
alternative parameter for DR quality control. Another advantage of using the DSM approach
is that DSM can be used to monitor the improvement of soil properties by means of available
correlations.

Correlation of DSM to elastic modulus

Poran et al. (1992a) report correlations of DSM to elastic properties. The dynamic stiffness
of the soil at impact, K ' (in kN m–1) may be related to the DSM as

Fig. 13. Change in crater depth versus blow number for the pilot study location.
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K ' 5
p(Do)

4
DSM (6)

Then, by examining the stiffness of a circularly loaded area with diameter Do on an elastic
half space, K ', was expressed by Gazetas (1991) as

K ' 5
1.135E Do

(1 2 n2)
k(v) (7)

where K ' 5 dynamic system stiffness (kN m–1), K(v) 5 dynamic stiffness coefficient,
n 5 Poisson’s ratio, E 5 elastic modulus (kN m–2), and Do 5 equivalent diameter of the
loaded area (m).

The dynamic system stiffness, K ', computed from experimental data in Equation 6
should be the same as that in Equation 7. By equating Equation 6 to Equation 7, E may be
expressed in terms of the DSM and k(v) as

E 5 0.692 (1 2 n2) k(v) DSM (8)

Poran et al. (1992a) report that, based on the frequency content of the dynamic pulses
found in the laboratory, a k(v) value of approximately 1.0 may be assumed for loose and
medium-dense sandy soils with n ,0.4. Poran et al. (1992a) conclude that the dynamic
stiffness coefficient, k(v), is practically equal to the static value.

If a Poisson’s ratio of 0.25 is assumed for the fill material used to build the sand
columns in the current test, and a value of 1 is assumed for k(v), then the final asymptotic
value of E for the last impact was calculated to be 4.25 MPa (Fig. 11) – a low value that
can be attributed to the loosened soil state after the high-energy blows. However, after the
high-energy pass was completed, four additional low-energy blows (two 3.048 m drops
and two 1.524 m drops) were applied to densify this loosened top stratum of soil. Although
acceleration data was not taken for these four blows, plate load tests conducted afterwards
indicate a secant subgrade modulus, ks, for the pilot study location of 12 818 kN m–3. The
elastic modulus, E, may be estimated from a plate load test by

E 5 ksB(1 2 n2) (9)

where ks 5 subgrade modulus (kN m–3), and B 5 footing width (equivalent plate width,
0.675 m).

Knowing the subgrade modulus and assuming the same Poisson’s ratio of 0.25 for the
fill material, the elastic modulus is calculated to be 8 MPa. On the other hand, the DSM
correlation predicts the elastic modulus to be approximately 4 MPa prior to the upper layer
being densified by the additional low-energy drops. This discrepancy may also arise from
the fact that the DSM reflects the properties of a larger volume of material than that of the
plate load test.

Based on the results obtained by the DMSOS, a decision was made to apply a minimum
of five low-energy blows and 10 high-energy blows to each of the remaining 18 print
positions in the study pattern. Thus, the DMSOS was effectively utilized in the field
implementation of dynamic replacement.
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Energy considerations

It was determined by means of the DSM approach, and verified by CPTs, that the sand
columns were sufficiently developed in the organic layer after five low-energy drops
(h 5 6.1 m) and 10 high-energy drops (h 5 12.2 m). However, this same level of
improvement could have been obtained by using a different combination of low and high
energy, including the use of a different drop weight – provided that the drop weight
satisfies the slenderness ratio (height/diameter) of approximately 1.83:1.

The different combinations of applied energy needed to achieve the desired level of
improvement can be addressed by the following analysis. The cumulative specific energy
(WH/Adc) versus dc/Do for the pilot study are plotted in Fig. 14, where A is the contact area
of the drop weight, W is its weight and dc is the sand-column depth in the organic soil
stratum determined from the CPTs. It is noted that a unique linear relationship is obtained
in Fig. 14. Linear regression of the above data yields the best fit line of:

On
1

WH
Adc

5 4423.18 
dc

Do
r2 5 0.94 (10)

It should be noted that Equation 10 depends on soil properties and is therefore site
specific.

Hence, Equation 10 can conveniently be used to select the energy requirements for
forming a sand column by DR at this site. The following example will illustrate the
application of this concept. First, determine the required cumulative specific energy to
build a sand column through the 1.7 m organic layer using the previous drop weight. In
this case dc 5 1.7 m and Do 5 0.6879 m, so dc/Do 5 2.47. Then, from Fig. 14 (or Equation
10), the required cumulative specific energy is determined to be 10 932 kN-m m–3. The

Fig. 14. Cumulative specific energy per blow versus normalized strain.
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unit energy, O WH/A, independent of dc, is then computed to be 18 583.71 kN m–1. Since
it is desired to use a low initial energy to alleviate excessive penetration problems at the
beginning, the following initial low-energy pass is assumed; No. of blows (n) 5 5,
h 5 4.57 m, W 5 35.59 kN, A 5 0.3716 m2, Do 5 0.6879 m. Then, solving for dc in
Equation 10 yields dc 5 0.58 m. Therefore, the portion of total unit energy exhausted for
these five low-energy blows is

nWh
A

5 2188.46 kN m–1 (11)

The required cumulative unit energy for the high-energy drops is then determined as the
difference between the total cumulative required unit energy and the total unit energy for
the low-energy blows as 16 395.25 kN m–1.

Selecting a high-energy drop height, h, of 9.144 m, the unit energy per blow is:

Wh
A

5 875.75 kN m–1 (12)

Hence, the number of high-energy blows required will be approximately 19.
It is seen how different combinations of low and high drop energies may be selected to

achieve a given column depth by using this approach. Thus, this approach will be useful
when multiple cranes or drop weights are in use at a single site or if a relatively low ‘high’
energy level is desirable due to the proximity of adjacent structures. Moreover, the
approach would be invaluable if a variation in depth of the organic layer is noted on
different boring logs at the same site. Then by simply adjusting dc in the preceding analysis
to reflect the height of the organic layer at a specific location, one can select a combination
of appropriate energy levels for that location.

Poran et al. (1992b) outlined a similar rational design method for dynamic compaction
(DC) of dry sand based on correlations between the normalized impact energy and the
resulting densification measured in terms of normalized volumetric strain.

Discussion

The goal of this research was to achieve a desired degree of improvement in an organic
soil stratum by introducing sand columns. The study site consisted of 19 drop locations,
one of which was fully instrumented. The optimum print spacing, drop height and the
number of blows required to yield the desired level of improvement was determined based
on the test results of this location. The DSM method stands out among the several criteria
used to identify the level of improvement. These results were then used as a guide for
treating the remaining locations, as a similar soil profile was seen to exist at the entire
study site. However, in larger projects, the ground profile may vary significantly, in which
case representative boring logs for the site to be modified should be obtained at many
locations. Thus, potential pilot-study locations can then readily be identified from the soil
profiles. Depending on the necessity, acceleration data may be obtained for some or all of
the drop locations. However, if only a few of the drop locations are instrumented, then the
trend in the change in crater depth can be used as an indicator of densification at the non-
instrumented drop locations.
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Field implementation of the computerized data-acquisition system proved to be very
reliable in general. However, in several instances, the acceleration record registered by the
data acquisition system was unusable. This can be attributed to the delayed actuation of
data acquisition due to the late response of the laser diode photoelectric cells. This problem
can be easily overcome by using an additional laser diode photoelectric cell as a backup,
to initiate data acquisition.

The cost of setting up such a system which includes the computer, associated software,
data acquisition board, and instruments (accelerometer and laser diode photocells) is in the
range of US$8000, which makes it cost-effective.

Conclusion

A quality-control system has been developed for evaluation of dynamic replacement (DR)
of organic soils. It is incorporated in an existing database management system for organic
soils (DMSOS) that stores and retrieves all acquired test data from both field and
laboratory tests. The system also facilitates analysis and graphical presentation of the test
results. These include the plots of acceleration, velocity and displacement of the drop
weight for each impact. The dynamic settlement modulus (DSM) parameter was computed
and plotted for each impact. From this plot, the optimum energy level can be obtained
when the change in the DSM per blow becomes relatively insignificant. Once the final
DSM value is available, the elastic modulus, E, may also be computed to identify the level
of improvement achieved. Furthermore, the plot of the change in crater depth versus blow
number provides yet another way of observing maximum improvement. Post-DR ground
testing using CPTs and plate load tests further verified the DSM prediction of the level of
improvement achieved. Based on the findings of this field study, it appears feasible to use
the DSM-based quality-control system to evaluate the degree of improvement and select
the optimum DR technical criteria such as the number of blows and drop print spacing.
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INVESTIGATION OF IMPACT STRESSES INDUCED 
IN LABORATORY DYNAMIC COMPACTION OF SOFT 

SOILS 
H. S. THILAKASIRI, M. GUNARATNE, G. MULLINS. P. STINNEITE AND B. JORY' 

Depanment of Civil and Environmental Engineering, Uniwrsily of South Florida, Tampa, FL 33647. U.S.A. 

SUMMARY 
The majority of currently available analytical tools to predict ground stresses due to impact are based on 
linear springdashpot dynamic models. Although these simple models adequately represent stiff ground 
possessing linear visco-elastic behaviour, they suffer from two striking limitations when applied to relatively 
softer ground; (1) the inability to account for the permanent deformation resulting from impact, (2) failure 
to incorporate stiffness changes of softer soil within the impact duration. In this paper, the authors present 
an improved analytical approach formulated on the basis of a series of laboratory impact tests, to address 
the shortcomings of the current dynamic models in relation to soft soils. In this procedure, the impact zone is 
modelled as three distinct zones; (1) a zone beneath the falling weight undergoing non-linear axial 
deformation while being in vertical motion, (2) an inner zone immediately surrounding zone 1 with 
non-linear shear deformation, and (3) an outer zone undergoing a relatively lower degree of (linear) shear 
deformation. The soil constitutive parameters pertinent to the model are obtained from a modified dynamic 
compression test that simulates the impact conditions. It is shown that analytical predictions of the impact 
stress history and penetration are in agreement with test results. The findings are useful in the exploration of 
dynamic compaction techniques that will be effective in soft soil improvement. 

KEY WORDS: dynamic; compaction; soil; damping; non-linear stressing 

1. INTRODUCTION 

A number of analytical models have been proposed by several resear~hersl-~ in recent years to 
estimate surface stresses during dynamic compaction. In these models, it is assumed that the soil 
behaviour is linear elastic, isotropic and hence can be modelled by a linear spring and a linear 
dashpot. However, it is a common observation made during dynamic compaction of soft soil that 
the soil mass close to the surface is subjected to a very high strain level resulting in permanent 
deformation. Obviously a model that employs a linear spring and a linear dashpot is unable to 
simulate these observations because non-linearity is clearly exhibited by soils at high strain levels. 
Apart from the above-mentioned simplified models, Chow ef  aL3 proposed a different analytical 
approach where the one-dimensional wave equation model for pile-driving analysis is modified 
by replacing the pile with a soil column extending to at least the anticipated depth of improve- 
ment. In this method, the soil surrounding the soil column is represented by linear elastic springs 
and linear dashpots. Furthermore, they adopted an implicit finite element method to solve the 
equation of motion of the soil column. 

'Present address: Florida Department of transportation, Bartow, FL, U S A .  
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An improved analytical model is proposed in this paper to estimate the surface stress and the 
surface deformation, accounting for non-linearity of soil immediately below the drop hammer as 
well as that of the immediate neighbourhood of the hammer. In this procedure, equations of 
motion are separately written for three zones distinguished by their mode and degree of 
deformation while satisfying compatibility. A numerical procedure is adopted to solve these 
equations of motion because of complexity arising from the constitutive model that accounts for 
non-linearity. The solution procedure uses an explicit direct time integration together with 
lumped mass formulation for computational efficiency. Finally, analytical predictions of the 
impact surface stress history and penetration are compared with laboratory measurements. 

2. EXPERIMENTAL OBSERVATIONS 

Figure 1 shows a typical plot of the impact surface stress history recorded during the authors’ 
experiments on a wet organic soil by employing a falling hammer instrumented with sensitive 
pressure transducers. The sensitivity of the data acquisition system is discussed in the ensuing 
Section 4 on the experimental set-up. The stress-time plot such as that shown in Figure 
1 obtained from a series of tests consistently demonstrate the existence of two distinct regions: 

(1) An immediate peak followed by rapidly diminishing stress. This phase of the stress history 
usually lasts only an extremely small time (1-2 ms) thus possibly eluding detection without 
a sensitive data acquisition system. This could be one reason why such an instantaneous 
peak has not been documented in previous experimental studies. 

(2) A subsequent oscillatory stress pattern. This phase of the stress pulse on the other hand has 
been the subject of most previous experimental and analytical investigations. 

3. MATHEMATICAL IDEALIZATION 

From the perspective of deformation, the soil mass in the impact vicinity can be considered as 
being comprised of three distinct zones (Figure 2): 

Zone 1: soil under the falling hammer in the zone of influence undergoing significant vertical 
deformation that permits it to be considered as a moving or participating soil mass, 
Zone 2 soil in the immediate neighbourhood undergoing excessive shear deformations that can 
only be characterized by non-linear models, 

1s 

3 
i lo 
$: 

f’ 0 

0.4 0.42 0.44 0.14 0 . 4  0.5 0.52 
Tk, ( m a )  

Figure 1 .  Typical experimental impact stress history 
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w zone 2 

zone 3 

Figure 2. Plan view of the impact vicinity 

Figure 3. Dynamic model (shear zone is shown only for the ith element) 

Zone 3: soil in the outer region undergoing limited shear deformations within linear elastic 
limits. 

The authors’ analytical formulation discussed here is founded on consideration of the mechanics 
of these three zones. The analytical formulation is kept simple by replacing the soil in the above 
zones with equivalent lumped masses. Researchers have observed that the depth of the zone of 
influence (2) during dynamic compaction vanes in the range of ,/(W,h) 2 z 2 l/2,/Wlh),6*7 
where W, and h are drop weight in tonnes and drop height in meters, respectively. Hence, in their 
formulations the authors suggest that the vertical depth (z) of the above non-linear zones should 
at least extend to a depth of , / (W,h).  In the mathematical discretization, zones 1 and 2 up to the 
depth of influence are divided into elements of equal thickness as shown in Figure 3. Since the 
vertical strain within each element is assumed to be uniform, their thickness should be decided by 
a sensitivity analysis. 

Since the strains in zone 1 are large, it is logical to expect non-linear behaviour. Thus, the soil 
elements in that zone are replaced in the current model by moving solid lumped masses (mi)  
having the same cross-sectional area as that of the drop weight and are connected by non-linear 
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springs of stiffness ki(E) as shown in Figure 3. ki(E) can be expressed by M&)A/L where Mi(&), 
A and L are the constrained modulus corresponding to the current strain (E) (Section 3.1), 
cross-sectional area of the element and the current length of the element, respectively. The soil 
half-space beneath the immediate vicinity of the non-linear soil column is modelled by a linear 
spring (k) and a linear dashpot in parallel having a spring stiffness of 4G,r0/(1 - v )  and a dashpot 
coefficient of 3.4Gr;/(l - v )  as proposed by Lysmer and Richart* in which ro, G and v are the 
radius of the soil column, initial shear modulus and the Poisson ratio, respectively. In the case 
where there is a stiff layer present within the zone of influence, the displacement of the last element 
is set to zero to account for it. In such a situation, the spring and the dashpot are not required. 

On the other hand, the elements in annular zone 2, represented by two masses(msli and qZi) of 
radius (r,) surrounding zone 1 are also subjected to high strain levels. Therefore, its effect on the 
impact zone must also be modelled by non-linear shear stiffness properties (ksi) .  In this regard, the 
stiffness expression developed by El  Naggar and Novak' would be appropriate. The expression 
for kSi is derived in the Appendix. The mass of the ith element in zone 2 is equally distributed to 
lumped masses mrli  and mSzi as shown in Figure 3. The elements in zone 2 interact with the 
corresponding elements in zone 1 through rigid plastic sliders p i ( t )  as shown in Figure 3. 

Outside zone 2, the shear strains are small enough to permit the application of linear elastic 
constitutive relations. Thus, the shearing resistance of zone 3 is simulated by a linear spring (kd i )  
and a dashpot ( c , ~ ~ )  having a stiffness of 2.75G,dzi and a damping constant of 2nr,,/p,G,dzi, 
respectively, as proposed by Novak et a1.l' in which G,, ps and dzi are the initial shear modulus, 
initial density and vertical thickness of elements in zone 2, respectively. Hence, zone 3 provides 
shear resistance to the vertical movement of elements in zone 2 through the parallel combination 
of spring kai and cSzi. 

It is assumed that slipping can occur at the interface between the deforming soil elements in 
zone 1 and the elements in the surrounding zone 2 when the shear stress in the rigid plastic sliders 
p i @ )  exceeds the maximum static resistance which is taken to be kook tan@; where, ko ,  at and 
C#J are coefficient of lateral earth pressure at rest, current vertical effective stress and angle of 
internal friction of the soil, respectively. It is accepted that the coefficient of lateral earth pressure 
depends on the over consolidation ratio (OCR) of the soil. Hence, in the proposed model ko is 
taken to be equal to (1 - sinC#J)J(OCR). Except for fully saturated low permeable soils with 
multiple impacts, the generation of pore water pressure in zone 1 is comparatively small' 
resulting in increased vertical effective stress in zone 1 during an impact. Therefore, it is important 
to note here that the maximum shear resistance changes during an impact even for a normally 
consolidated soil as the effective vertical stress changes with deformation of the soil column. 

Finally, Newmark's explicit time step integration is employed to solve the equations of motion 
of the soil elements. The impacting hammer is disconnected from the numerical solution when the 
contact stress becomes less than zero. 

If the depth of the non-linear zone is insignificant such as in the case of a small amplitude 
vibration, it is clear that the present model approaches the already accepted visco-elastic models, 
in which linear spring and a dashpot are in parallel (Figure 3). Further, the thickness of the 
influence zone can decrease with decrease in the drop weight and the drop height according to the 
aforementioned effective zone criterion (JWh) .  

3. I .  Determination of non-linear stiffness values 

Figure 4 shows a typical axial stress-strain curve obtained for loading and unloading during 
a dynamic impact. The experimental procedure used to obtain Figure 4 is highlighted in Section 
4. A unique feature of the stress-strain curve is a distinct yielding stage as shown in Figure 4 after 
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01 a4 o.# 0.8 0 1 
*nk 

Figure 4. Experimental stress-strain curve 

Figure 5. Typical theoretical stress-strain graph with symbols used in mathematical expressions 

which a major portion of the axial strain is irrecoverable. This sudden change of the stiffness can 
be attributed to plastic flow resulting from shear failure. It was found that the pre-bearing 
capacity region of the curve can be conveniently expressed by the mathematical expression given 
by Ginsberg' ' for one-dimensional dynamic loading (equations (1) and (2)). Moreover, 
Ginsberg's' ' expression for the unloading phase correctly represented the unloading curve 
obtained by the authors as well (equations (5)-(6)). However, it should be noted that the post 
bearing capacity failure portion of the curve is linear with a small slope instead of being flat, 
indicating some strain hardening. Hence, based on Figure 4, the axial force in zone 1 can be 
determined by employing a constitutive relationship similar to that proposed by Ginsburg' ' for 
non-linear uniaxial dynamic compression. During each time step, the incremental strain in 
a given element is calculated based on the shortening of the element during the period and the 
current length of the element. Then, those incremental strains are summed up to estimate the total 
strain in the element and the corresponding axial stress from Figure 4. While the shape of the 
stress-strain curve proposed for loading and unloading is shown in Figure 5, the related 
mathematical relationships modified from the original Ginsburg model to include plastic flow, 
are expressed below. 
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For the loading stage 
Up to the bearing capacity 

Beyond the bearing capacity 

For the unloading state 

M(E) = k 
(3) 

(4) 

where 
M o  = initial constrained modulus, 
M(E) = constrained modulus at strain E, 

e0 = asymptotic value of strain corresponding to the pre-bearing failure portion, 
q = a material constant, 
4 = strain at the beginning of the unloading phase, 
a, = stress at the beginning of the unloading phase, 
ab = bearing capacity, 
k = modulus after the bearing capacity failure. 
As mentioned in the mathematical idealization, the following expression for stiffness developed 

by El  Naggar and Novak’ assuming a plane strain condition are used for zone 2. 
For loading 

2nG, 
krli = 

r1/r2 - rto 
1 - rto 

In 

For unloading 

2nG, 
ksli = - 

In(r11ro) 
where 

rl = outer radius of the inner zone, 
ro = radius of the soil column, 
G, = initial shear modulus, 
f0 = shear stress at the axial element and shear element interface, 
ff = ultimate shear strength, 
rto = fo l f  f. 

(9) 
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3.2. Kinematic equations of the system 

various components of the system: 

For the drop hammer 

Using the notation indicated in Figure 6, the following equations of motion can be written for 

(1 1) 
W 1  

9 
w1 - q1(t) = - d;( t )  

For the ith axial element (in Figure 6) 

qi(t) - qi+l(t) - pi(t) = mid;(t) 

Pi(t) - q s d t )  = &lid;,i(t) 

(12) 
For ith shear element (in Figure 6) 

(13) 

where 

CQi = 2nrlJ(PsGs)dZi, (16) 
dzi = thickness of the ith element in zone 2. 

Newmark's explicit time step integration can be used to solve the equations (11)-(14) in 
combination with equations (17) and (18) as previously mentioned. For an element with a dis- 
placement d( t )  at any time c, Newmark's classical explicit time step integration algorithm (14) 
involves following recurrence relationships: 

At2 
2 

d , + l ( t )  = d,(t - At)  + Atd,(t - At)  + - d:(t - At) 

T 

Figure 6. Free body diagrams for the ith axial and shear elements 
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where f i ,  is Newmark's parameter, the value of which can be chosen for effective implementation 
of the particular algorithm. 

Equation (17) can be used to explicitly obtain the current displacement d , ,  , ( r )  knowing the 
displacement. velocity and the acceleration of the element during the previous time step, while 
equation (18) enables one to express the current velocity of the element in terms of the current 
acceleration. 

Thus. when equations (17) and (18) are separately applied to the elements in motion in Figure 3, 
i t  will facilitate the solution of equations ( 1  1)+14) by evaluating the current displacement and the 
acceleration of each element based on the state of motion of the entire system at the preceding 
time step. Furthermore, at the end of each time step, element thicknesses and soil properties are 
upgraded according to the current strains, using the non-linear constitutive model described in 
the previous section. By repeating this procedure for a number of time steps. the numerical 
solution procedure can be successfully implemented. The explicit direct time integration algo- 
rithm i s  conditionally stable and the stability is governed by the magnitude of the time step size. I t  
is found from the literature that the maximum size of the time step for a stable solution is related 
to the time required for an elastic wave to propagate across thc shortest element of the mesh. In 
contrast to implicit algorithms, explicit algorithms require a large number of small time steps to 
avoid the solution of a large matrix equation which is typical of implicit methods at each time 
stcp. 

4. EXPERIMENTAL SET-UP 

The experimental set-up shown in Figure 7 was used to determine the dynamic impact stress due 
to a drop weight and the related stress-strain behaviour of an organic soil in the laboratory. The 
organic soil had a water contcnt of 378 per cent, a we density of 1064 kg/m3 (66 pcf) and an 

Figure 7.  Expcrirnen~al x t - u p  
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organic content of 80 per cent. The soil was compacted in a PVC lined 0.03m3 (one cubic 
foot-1‘ x 1’ x 1’) container to a final bed depth of 10.16 cm (4 in) for the test used to get the surface 
stress history while a reduced depth of 2.6cm (1 in) was used for the test to determine the 
stress-strain relationship. A 0923 m (3 ft) tall guide rail system (2) was placed on top of the box. 
A 2.27 kg (5  lb) steel weight with a 7.62 cm (3 in) square base (3) was held by an electro-magnet at 
the top of the guide rail. The weight was instrumented with five pressure transducers that were 
installed in such a manner that they were flush with the surface of the bottom of the weight. An 
accelerometer was also attached to the top of the weight so that its position was in line with the 
centre of gravity of the weight. The pressure transducers and the accelerometer were interfaced to 
a 486-33 MHz microcomputer through the use of a AT-MIO-16F-5 interface board. 

Programs are written in Visual Basic to facilitate multiple channel data acquisition. A remote 
relay was used to simultaneously release the weight from the electro-magnet and initiate data 
acquisition. The impact stress was sampled at a rate 10000samples/s for each of the five 

I I I I I I 1 
0.38 0.4 042 a44 0.46 0.48 0.5 0.52 

Tm (sec) 

Trid B 

40. I 

Figure 8. Impact stress versus time graphs for trials A-D 
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m 

Figure 9. Experimental and simulated stress-strain curves 

Table I. Model parameters for organic soil 

Parameter Assigned value 

Outer radius of zone 2 ( r , )  
Initial modulus (M,) 
Poisson ratio 0 3 7  
Angle of internal friction 35" 
E, (equations (1)-(8)) 1-25 
q (equations (6) and (7)) 0-06 
K, = ( I  - sin@) J(OCR) 0-4264 
k (equations (3) and (4)) 7.0 N/mz 

8.56 CIII (20) 
379 572 N/mZ 

transducer channels in order to register the initial stress peak. Acceleration data was also sampled 
at a rate of loo00 samples/s. Once data had been acquired and stored on the computer, data 
analysis was performed using LOTUS-123. 

In order to verify reproduceability, four separate trials (A-D) were conducted using the same 
experimental set-up described above. Figure 8 shows the resulting impact stress versus time plot 
for each trial and the magnitude of the peak average impact stress. As seen from Figure 8, the 
peak average impact stress as well as the duration of impact are in agreement for all the trials. 

By employing the accelerometer readings, the authors used the same test set-up with a thin soil 
layer to establish a non-linear stress-strain relationship for soil in zone 1 in the following manner. 
The vertical strain history can be deduced by converting the accelerometer results to displace- 
ments and then to corresponding strains assuming uniform strain throughout the thin layer of 
soil (2.5 cm) used in that test. Then, by comparing the average stress and strain histories at 
different stages of time in the soil layer, the dynamic stress-strain plot shown in Figure 9 was 
created.The constitutive parameters extracted from Figure 9 are shown in Table I. 

5. EXPERIMENTAL VERIFICATION 

In order to compare the analytical predictions with the experimental results, the authors 
discretized the 10 cm thick peat layer used in the experiment into 10 elements of equal thickness. 
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The steel bottom of the container was assumed to be infinitely sti& Hence, the displacement and 
the velocity of the 10th element were set to zero. In addition, the outer radius of zone 2 was 
assumed to be 2 x ro (8.56 cm) where ro is the radius of the soil column (zone 1) (Table I). In order 
to scrutinize the sensitivity of the selected number of elements and the radius of zone 2 on the 
analysis, variation of the final penetration with the above parameters were plotted as shown in 
Figures 10 and 11. It is seen that the values of the above parameters can be determined based on 
Figures 10 and 11 so that a computationally efficient analysis could be performed. 

Figure 11 shows that the hammer penetration responds significantly to the change of the radii 
ratio (zone 2 to zone 1) up to a value of 3.5. It also shows that under the present impact 
conditions, introduction of the non-linear zone changes the final penetration by only a factor of 
0.97. This is mainly due to the fact that during the small-scale laboratory impact considered here, 
the in situ shear strength of the elements in zone 1 is inadequate to enforce the formation of 
a non-linear zone that provides a transition between the participating soil mass (zone 1) and the 
stationary zone 3. In case of field dynamic compaction where the influence zone extends to deeper 
layers with higher lateral stresses, the presence of the non-linear zone will be more significant. 
Hence Figure 11 by no means indicates an insignificant role of the non-linear transition zone. 

In a trial run of the numerical algorithm with /I1 = 0 5 ,  it was found that the results were 
insensitive to the selected time interval, at time intervals smaller than O.oooO5 s for the parameters 
indicated in Table I. The corresponding analytical prediction of the stress history is plotted 
against the experimental results in Figure 12, where the agreement between them with respect to 
the magnitude and time seems to be reasonable. 

Furthermore, the penetration predicted from the ultimate value of d ,  was 12mm while 
experimentally it was observed to be 7 mm. 

Figures 12 and 8 show the eventual introduction of tension at the bottom of the weight mainly 
due to the suction created by pore water. Although the current analytical technique can predict 
tensile stresses, due to its inability to incorporate the pore pressure behaviour and tensile soil 

0 1 o ~ s o a w  
Mmbudmllmh 

Figure 10. Variation of penetration with element thickness 

1 1.5 2 2.5 3 3.5 4 
l’EE3 I l:: m d  ZOn 2 d Z m  1 nd 

Figure 11. Variation of penetration with the ratio of zone 2 to zone 1 radii 
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Figure 12. Comparison of measured and predicted stress pulses 

Figure 13. Comparison of the accelerometer and converted stress cell readings 

properties, the predicted stress pulse was truncated after the compression wave. It is apparent that 
a major portion of the penetration descrepancy could be attributed to the rebound of soil during 
the tension stress pulse. 

The authors further verified the accuracy of the measured stresses by comparing the accelero- 
meter reading with the converted average stress cell readings according to the following equation, 
for another trial impact in the same experimental set-up. 

where 
A = base area of the drop weight, 
a = acceleration, 
m = mass of drop weight, 
uaVp = average of stress cell readings. 

Figure 13 shows excellent agreement between the accelerometer and converted stress cell readings 
verifying the accuracy of the above measurements. 
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6. GUIDELINES FOR USE OF THE MODEL 

Reliability of any analytical model depends upon appropriate mathematical idealization of 
a given engineering problem and accurate determination of the model parameters. Estimation of 
the zone of influence, element thickness and the radius of the inner zone are the main tasks in the 
idealization phase of this specific problem. On the other hand, the parameters needed for this 
specific model are those associated with the constitutive relationship. As previously mentioned, 
the J( Wh) criterion can be used to estimate the zone of influence while the thickness of individual 
elements should be decided after a sensitivity analysis using different trial element thicknesses. 
The outer radius of the non-linear shear zone (zone 1) is usually considered as a multiple of the 
inner soil column radius and should be based on past experience of the extent of deformation 
around the hammer. Moreover, in the case of a rectangular or a square hammer, the use of an 
equivalent radius is advocated. 

The parameters needed for the constitutive relationship include initial constrained modulus 
(Mo) ,  asymptotic strain (c0)  and the material dependent constant (q). The constrained modulus 
(M) and the shear modulus (G) are related to the Young’s modulus (E) and the Poisson’s ratio (v) 
by the following expressions: 

E(l - V )  M =  
(1  - 2v)(l + v) 

M(1 - 2v) 
2(1 - v) 

G =  

Phillips and Baladi” and Nelson13 suggested that, for loose granular soil, q takes values between 
0.80 and 0.90 while c0 is between 0.40 and 0.50 for ideal one-dimensional dynamic compression. 
On the other hand, in loose soils like peat, the authors observed that c0 goes up to 1.25 and q takes 
the value of 0.06 under simulated dynamic compaction. Thus, especially for soft soils, it is 
advisable to find the parameters using laboratory tests where soils are subjected to similar 
conditions as that of dynamic compaction. The yield point (ob) in the stress-strain curve can be 
found from the standard bearing capacity equations. 

CONCLUSIONS 

The stress history of impact loading of soft soils has been studied using analytical and experi- 
mental techniques. When the falling weight was instrumented with pressure transducers and an 
accelerometer, two distinct stress peaks were consistently observed during the dynamic compac- 
tion of soft materials like organic soils. Furthermore, as one would anticipate, these impact 
produce relatively large strains during dynamic compaction leading to permanent deformations. 

The above observations cannot be explained by any of the currently available analytical 
models for impact loading since they incorporate linear stiffness and damping properties. In the 
improved methodology advanced in this work, the stiffness and damping properties of the entire 
impact vicinity are modelled using spring and dashpot elements which appropriately represent 
the deformation modes of the individual zones. Moreover, the different degrees of deformation of 
the distinct zones are also considered in the model by utilizing nonlinear stiffness properties 
whereever necessary. On the other hand, when the impact is relatively mild, the non-linear zone 
becomes insignificant, thus appropriately reducing the model to currently available linear models. 

Finally, it was displayed that the current technique posseses the capability of predicting the 
entire surface stress history including the two distinct peak stresses to a reasonable accuracy. In 
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addition, its ability to predict the approximate permanent penetration is indeed another advant- 
age of the model. 

APPENDIX 

A . I .  Derivation of the stiffness expression' of zone 2 

The following stress-strain relationship is used for zone 2 

Y/Yr  = B/(1 - B) 
B = T I T I  

T~ = shear stress at the soil column interface, 
T /  = ultimate shear strength, 
G, = initial tangent shear modulus, 
T = shear stress at radius r from the centre of the impact area. 
By assuming plane strain conditions, the displacement at soil column surface ( w o )  is obtained 

by direct integration of the angular distortion from the radius of the zone 1 (ro to the radius of the 
zone 2 r,). 

wo = lr: ydr 

dr 
1 1  

wo = I' - 
0 - - -  

BYr Yr 

But for the equilibrium of zone 2 

21rroro dx = 2nrr dx 

By substituting the above condition and simplifying 

f'l dr 

Then by integrating and simplifying the above equation, it can be proved that k, = .ro/w0 

2nG. 
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INVESTIGATION OF IMPACT STRESSES INDUCED 
IN LABORATORY DYNAMIC COMPACTION OF SOFT 

SOILS 
H. S. THILAKASIRI, M. GUNARATNE, G. MULLINS. P. STINNEITE AND B. JORY' 

Depanment of Civil and Environmental Engineering, Uniwrsily of South Florida, Tampa, FL 33647. U.S.A. 

SUMMARY 
The majority of currently available analytical tools to predict ground stresses due to impact are based on 
linear springdashpot dynamic models. Although these simple models adequately represent stiff ground 
possessing linear visco-elastic behaviour, they suffer from two striking limitations when applied to relatively 
softer ground; (1) the inability to account for the permanent deformation resulting from impact, (2) failure 
to incorporate stiffness changes of softer soil within the impact duration. In this paper, the authors present 
an improved analytical approach formulated on the basis of a series of laboratory impact tests, to address 
the shortcomings of the current dynamic models in relation to soft soils. In this procedure, the impact zone is 
modelled as three distinct zones; (1) a zone beneath the falling weight undergoing non-linear axial 
deformation while being in vertical motion, (2) an inner zone immediately surrounding zone 1 with 
non-linear shear deformation, and (3) an outer zone undergoing a relatively lower degree of (linear) shear 
deformation. The soil constitutive parameters pertinent to the model are obtained from a modified dynamic 
compression test that simulates the impact conditions. It is shown that analytical predictions of the impact 
stress history and penetration are in agreement with test results. The findings are useful in the exploration of 
dynamic compaction techniques that will be effective in soft soil improvement. 

KEY WORDS: dynamic; compaction; soil; damping; non-linear stressing 

1. INTRODUCTION 

A number of analytical models have been proposed by several resear~hersl-~ in recent years to 
estimate surface stresses during dynamic compaction. In these models, it is assumed that the soil 
behaviour is linear elastic, isotropic and hence can be modelled by a linear spring and a linear 
dashpot. However, it is a common observation made during dynamic compaction of soft soil that 
the soil mass close to the surface is subjected to a very high strain level resulting in permanent 
deformation. Obviously a model that employs a linear spring and a linear dashpot is unable to 
simulate these observations because non-linearity is clearly exhibited by soils at high strain levels. 
Apart from the above-mentioned simplified models, Chow ef  aL3 proposed a different analytical 
approach where the one-dimensional wave equation model for pile-driving analysis is modified 
by replacing the pile with a soil column extending to at least the anticipated depth of improve- 
ment. In this method, the soil surrounding the soil column is represented by linear elastic springs 
and linear dashpots. Furthermore, they adopted an implicit finite element method to solve the 
equation of motion of the soil column. 

'Present address: Florida Department of transportation, Bartow, FL, U S A .  

CCC 0363-9061/96/100753-15 
0 1996 by John Wiley & Sons, Ltd. 
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An improved analytical model is proposed in this paper to estimate the surface stress and the 
surface deformation, accounting for non-linearity of soil immediately below the drop hammer as 
well as that of the immediate neighbourhood of the hammer. In this procedure, equations of 
motion are separately written for three zones distinguished by their mode and degree of 
deformation while satisfying compatibility. A numerical procedure is adopted to solve these 
equations of motion because of complexity arising from the constitutive model that accounts for 
non-linearity. The solution procedure uses an explicit direct time integration together with 
lumped mass formulation for computational efficiency. Finally, analytical predictions of the 
impact surface stress history and penetration are compared with laboratory measurements. 

2. EXPERIMENTAL OBSERVATIONS 

Figure 1 shows a typical plot of the impact surface stress history recorded during the authors’ 
experiments on a wet organic soil by employing a falling hammer instrumented with sensitive 
pressure transducers. The sensitivity of the data acquisition system is discussed in the ensuing 
Section 4 on the experimental set-up. The stress-time plot such as that shown in Figure 
1 obtained from a series of tests consistently demonstrate the existence of two distinct regions: 

(1) An immediate peak followed by rapidly diminishing stress. This phase of the stress history 
usually lasts only an extremely small time (1-2 ms) thus possibly eluding detection without 
a sensitive data acquisition system. This could be one reason why such an instantaneous 
peak has not been documented in previous experimental studies. 

(2) A subsequent oscillatory stress pattern. This phase of the stress pulse on the other hand has 
been the subject of most previous experimental and analytical investigations. 

3. MATHEMATICAL IDEALIZATION 

From the perspective of deformation, the soil mass in the impact vicinity can be considered as 
being comprised of three distinct zones (Figure 2): 

Zone 1: soil under the falling hammer in the zone of influence undergoing significant vertical 
deformation that permits it to be considered as a moving or participating soil mass, 
Zone 2 soil in the immediate neighbourhood undergoing excessive shear deformations that can 
only be characterized by non-linear models, 

1s 

3 
i lo 
$: 

f’ 0 

0.4 0.42 0.44 0.14 0 . 4  0.5 0.52 
Tk, ( m a )  

Figure 1 .  Typical experimental impact stress history 
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w zone 2 

zone 3 

Figure 2. Plan view of the impact vicinity 

Figure 3. Dynamic model (shear zone is shown only for the ith element) 

Zone 3: soil in the outer region undergoing limited shear deformations within linear elastic 
limits. 

The authors’ analytical formulation discussed here is founded on consideration of the mechanics 
of these three zones. The analytical formulation is kept simple by replacing the soil in the above 
zones with equivalent lumped masses. Researchers have observed that the depth of the zone of 
influence (2) during dynamic compaction vanes in the range of ,/(W,h) 2 z 2 l/2,/Wlh),6*7 
where W, and h are drop weight in tonnes and drop height in meters, respectively. Hence, in their 
formulations the authors suggest that the vertical depth (z) of the above non-linear zones should 
at least extend to a depth of , / (W,h).  In the mathematical discretization, zones 1 and 2 up to the 
depth of influence are divided into elements of equal thickness as shown in Figure 3. Since the 
vertical strain within each element is assumed to be uniform, their thickness should be decided by 
a sensitivity analysis. 

Since the strains in zone 1 are large, it is logical to expect non-linear behaviour. Thus, the soil 
elements in that zone are replaced in the current model by moving solid lumped masses (mi)  
having the same cross-sectional area as that of the drop weight and are connected by non-linear 
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springs of stiffness ki(E) as shown in Figure 3. ki(E) can be expressed by M&)A/L where Mi(&), 
A and L are the constrained modulus corresponding to the current strain (E) (Section 3.1), 
cross-sectional area of the element and the current length of the element, respectively. The soil 
half-space beneath the immediate vicinity of the non-linear soil column is modelled by a linear 
spring (k) and a linear dashpot in parallel having a spring stiffness of 4G,r0/(1 - v )  and a dashpot 
coefficient of 3.4Gr;/(l - v )  as proposed by Lysmer and Richart* in which ro, G and v are the 
radius of the soil column, initial shear modulus and the Poisson ratio, respectively. In the case 
where there is a stiff layer present within the zone of influence, the displacement of the last element 
is set to zero to account for it. In such a situation, the spring and the dashpot are not required. 

On the other hand, the elements in annular zone 2, represented by two masses(msli and qZi) of 
radius (r,) surrounding zone 1 are also subjected to high strain levels. Therefore, its effect on the 
impact zone must also be modelled by non-linear shear stiffness properties (ksi) .  In this regard, the 
stiffness expression developed by El  Naggar and Novak' would be appropriate. The expression 
for kSi is derived in the Appendix. The mass of the ith element in zone 2 is equally distributed to 
lumped masses mrli  and mSzi as shown in Figure 3. The elements in zone 2 interact with the 
corresponding elements in zone 1 through rigid plastic sliders p i ( t )  as shown in Figure 3. 

Outside zone 2, the shear strains are small enough to permit the application of linear elastic 
constitutive relations. Thus, the shearing resistance of zone 3 is simulated by a linear spring (kd i )  
and a dashpot ( c , ~ ~ )  having a stiffness of 2.75G,dzi and a damping constant of 2nr,,/p,G,dzi, 
respectively, as proposed by Novak et a1.l' in which G,, ps and dzi are the initial shear modulus, 
initial density and vertical thickness of elements in zone 2, respectively. Hence, zone 3 provides 
shear resistance to the vertical movement of elements in zone 2 through the parallel combination 
of spring kai and cSzi. 

It is assumed that slipping can occur at the interface between the deforming soil elements in 
zone 1 and the elements in the surrounding zone 2 when the shear stress in the rigid plastic sliders 
p i @ )  exceeds the maximum static resistance which is taken to be kook tan@; where, ko ,  at and 
C#J are coefficient of lateral earth pressure at rest, current vertical effective stress and angle of 
internal friction of the soil, respectively. It is accepted that the coefficient of lateral earth pressure 
depends on the over consolidation ratio (OCR) of the soil. Hence, in the proposed model ko is 
taken to be equal to (1 - sinC#J)J(OCR). Except for fully saturated low permeable soils with 
multiple impacts, the generation of pore water pressure in zone 1 is comparatively small' 
resulting in increased vertical effective stress in zone 1 during an impact. Therefore, it is important 
to note here that the maximum shear resistance changes during an impact even for a normally 
consolidated soil as the effective vertical stress changes with deformation of the soil column. 

Finally, Newmark's explicit time step integration is employed to solve the equations of motion 
of the soil elements. The impacting hammer is disconnected from the numerical solution when the 
contact stress becomes less than zero. 

If the depth of the non-linear zone is insignificant such as in the case of a small amplitude 
vibration, it is clear that the present model approaches the already accepted visco-elastic models, 
in which linear spring and a dashpot are in parallel (Figure 3). Further, the thickness of the 
influence zone can decrease with decrease in the drop weight and the drop height according to the 
aforementioned effective zone criterion (JWh) .  

3. I .  Determination of non-linear stiffness values 

Figure 4 shows a typical axial stress-strain curve obtained for loading and unloading during 
a dynamic impact. The experimental procedure used to obtain Figure 4 is highlighted in Section 
4. A unique feature of the stress-strain curve is a distinct yielding stage as shown in Figure 4 after 
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Figure 4. Experimental stress-strain curve 

Figure 5. Typical theoretical stress-strain graph with symbols used in mathematical expressions 

which a major portion of the axial strain is irrecoverable. This sudden change of the stiffness can 
be attributed to plastic flow resulting from shear failure. It was found that the pre-bearing 
capacity region of the curve can be conveniently expressed by the mathematical expression given 
by Ginsberg' ' for one-dimensional dynamic loading (equations (1) and (2)). Moreover, 
Ginsberg's' ' expression for the unloading phase correctly represented the unloading curve 
obtained by the authors as well (equations (5)-(6)). However, it should be noted that the post 
bearing capacity failure portion of the curve is linear with a small slope instead of being flat, 
indicating some strain hardening. Hence, based on Figure 4, the axial force in zone 1 can be 
determined by employing a constitutive relationship similar to that proposed by Ginsburg' ' for 
non-linear uniaxial dynamic compression. During each time step, the incremental strain in 
a given element is calculated based on the shortening of the element during the period and the 
current length of the element. Then, those incremental strains are summed up to estimate the total 
strain in the element and the corresponding axial stress from Figure 4. While the shape of the 
stress-strain curve proposed for loading and unloading is shown in Figure 5, the related 
mathematical relationships modified from the original Ginsburg model to include plastic flow, 
are expressed below. 
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For the loading stage 
Up to the bearing capacity 

Beyond the bearing capacity 

For the unloading state 

M(E) = k 
(3) 

(4) 

where 
M o  = initial constrained modulus, 
M(E) = constrained modulus at strain E, 

e0 = asymptotic value of strain corresponding to the pre-bearing failure portion, 
q = a material constant, 
4 = strain at the beginning of the unloading phase, 
a, = stress at the beginning of the unloading phase, 
ab = bearing capacity, 
k = modulus after the bearing capacity failure. 
As mentioned in the mathematical idealization, the following expression for stiffness developed 

by El  Naggar and Novak’ assuming a plane strain condition are used for zone 2. 
For loading 

2nG, 
krli = 

r1/r2 - rto 
1 - rto 

In 

For unloading 

2nG, 
ksli = - 

In(r11ro) 
where 

rl = outer radius of the inner zone, 
ro = radius of the soil column, 
G, = initial shear modulus, 
f0 = shear stress at the axial element and shear element interface, 
ff = ultimate shear strength, 
rto = fo l f  f. 

(9) 
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3.2. Kinematic equations of the system 

various components of the system: 

For the drop hammer 

Using the notation indicated in Figure 6, the following equations of motion can be written for 

(1 1) 
W 1  

9 
w1 - q1(t) = - d;( t )  

For the ith axial element (in Figure 6) 

qi(t) - qi+l(t) - pi(t) = mid;(t) 

Pi(t) - q s d t )  = &lid;,i(t) 

(12) 
For ith shear element (in Figure 6) 

(13) 

where 

CQi = 2nrlJ(PsGs)dZi, (16) 
dzi = thickness of the ith element in zone 2. 

Newmark's explicit time step integration can be used to solve the equations (11)-(14) in 
combination with equations (17) and (18) as previously mentioned. For an element with a dis- 
placement d( t )  at any time c, Newmark's classical explicit time step integration algorithm (14) 
involves following recurrence relationships: 

At2 
2 

d , + l ( t )  = d,(t - At)  + Atd,(t - At)  + - d:(t - At) 

T 

Figure 6. Free body diagrams for the ith axial and shear elements 
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where f i ,  is Newmark's parameter, the value of which can be chosen for effective implementation 
of the particular algorithm. 

Equation (17) can be used to explicitly obtain the current displacement d , ,  , ( r )  knowing the 
displacement. velocity and the acceleration of the element during the previous time step, while 
equation (18) enables one to express the current velocity of the element in terms of the current 
acceleration. 

Thus. when equations (17) and (18) are separately applied to the elements in motion in Figure 3, 
i t  will facilitate the solution of equations ( 1  1)+14) by evaluating the current displacement and the 
acceleration of each element based on the state of motion of the entire system at the preceding 
time step. Furthermore, at the end of each time step, element thicknesses and soil properties are 
upgraded according to the current strains, using the non-linear constitutive model described in 
the previous section. By repeating this procedure for a number of time steps. the numerical 
solution procedure can be successfully implemented. The explicit direct time integration algo- 
rithm i s  conditionally stable and the stability is governed by the magnitude of the time step size. I t  
is found from the literature that the maximum size of the time step for a stable solution is related 
to the time required for an elastic wave to propagate across thc shortest element of the mesh. In 
contrast to implicit algorithms, explicit algorithms require a large number of small time steps to 
avoid the solution of a large matrix equation which is typical of implicit methods at each time 
stcp. 

4. EXPERIMENTAL SET-UP 

The experimental set-up shown in Figure 7 was used to determine the dynamic impact stress due 
to a drop weight and the related stress-strain behaviour of an organic soil in the laboratory. The 
organic soil had a water contcnt of 378 per cent, a we density of 1064 kg/m3 (66 pcf) and an 

Figure 7.  Expcrirnen~al x t - u p  
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organic content of 80 per cent. The soil was compacted in a PVC lined 0.03m3 (one cubic 
foot-1‘ x 1’ x 1’) container to a final bed depth of 10.16 cm (4 in) for the test used to get the surface 
stress history while a reduced depth of 2.6cm (1 in) was used for the test to determine the 
stress-strain relationship. A 0923 m (3 ft) tall guide rail system (2) was placed on top of the box. 
A 2.27 kg (5  lb) steel weight with a 7.62 cm (3 in) square base (3) was held by an electro-magnet at 
the top of the guide rail. The weight was instrumented with five pressure transducers that were 
installed in such a manner that they were flush with the surface of the bottom of the weight. An 
accelerometer was also attached to the top of the weight so that its position was in line with the 
centre of gravity of the weight. The pressure transducers and the accelerometer were interfaced to 
a 486-33 MHz microcomputer through the use of a AT-MIO-16F-5 interface board. 

Programs are written in Visual Basic to facilitate multiple channel data acquisition. A remote 
relay was used to simultaneously release the weight from the electro-magnet and initiate data 
acquisition. The impact stress was sampled at a rate 10000samples/s for each of the five 

I I I I I I 1 
0.38 0.4 042 a44 0.46 0.48 0.5 0.52 

Tm (sec) 

Trid B 

40. I 

Figure 8. Impact stress versus time graphs for trials A-D 
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0 02 0.4 0.0 0.8 1 
m 

Figure 9. Experimental and simulated stress-strain curves 

Table I. Model parameters for organic soil 

Parameter Assigned value 

Outer radius of zone 2 ( r , )  
Initial modulus (M,) 
Poisson ratio 0 3 7  
Angle of internal friction 35" 
E, (equations (1)-(8)) 1-25 
q (equations (6) and (7)) 0-06 
K, = ( I  - sin@) J(OCR) 0-4264 
k (equations (3) and (4)) 7.0 N/mz 

8.56 CIII (20) 
379 572 N/mZ 

transducer channels in order to register the initial stress peak. Acceleration data was also sampled 
at a rate of loo00 samples/s. Once data had been acquired and stored on the computer, data 
analysis was performed using LOTUS-123. 

In order to verify reproduceability, four separate trials (A-D) were conducted using the same 
experimental set-up described above. Figure 8 shows the resulting impact stress versus time plot 
for each trial and the magnitude of the peak average impact stress. As seen from Figure 8, the 
peak average impact stress as well as the duration of impact are in agreement for all the trials. 

By employing the accelerometer readings, the authors used the same test set-up with a thin soil 
layer to establish a non-linear stress-strain relationship for soil in zone 1 in the following manner. 
The vertical strain history can be deduced by converting the accelerometer results to displace- 
ments and then to corresponding strains assuming uniform strain throughout the thin layer of 
soil (2.5 cm) used in that test. Then, by comparing the average stress and strain histories at 
different stages of time in the soil layer, the dynamic stress-strain plot shown in Figure 9 was 
created.The constitutive parameters extracted from Figure 9 are shown in Table I. 

5. EXPERIMENTAL VERIFICATION 

In order to compare the analytical predictions with the experimental results, the authors 
discretized the 10 cm thick peat layer used in the experiment into 10 elements of equal thickness. 
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The steel bottom of the container was assumed to be infinitely sti& Hence, the displacement and 
the velocity of the 10th element were set to zero. In addition, the outer radius of zone 2 was 
assumed to be 2 x ro (8.56 cm) where ro is the radius of the soil column (zone 1) (Table I). In order 
to scrutinize the sensitivity of the selected number of elements and the radius of zone 2 on the 
analysis, variation of the final penetration with the above parameters were plotted as shown in 
Figures 10 and 11. It is seen that the values of the above parameters can be determined based on 
Figures 10 and 11 so that a computationally efficient analysis could be performed. 

Figure 11 shows that the hammer penetration responds significantly to the change of the radii 
ratio (zone 2 to zone 1) up to a value of 3.5. It also shows that under the present impact 
conditions, introduction of the non-linear zone changes the final penetration by only a factor of 
0.97. This is mainly due to the fact that during the small-scale laboratory impact considered here, 
the in situ shear strength of the elements in zone 1 is inadequate to enforce the formation of 
a non-linear zone that provides a transition between the participating soil mass (zone 1) and the 
stationary zone 3. In case of field dynamic compaction where the influence zone extends to deeper 
layers with higher lateral stresses, the presence of the non-linear zone will be more significant. 
Hence Figure 11 by no means indicates an insignificant role of the non-linear transition zone. 

In a trial run of the numerical algorithm with /I1 = 0 5 ,  it was found that the results were 
insensitive to the selected time interval, at time intervals smaller than O.oooO5 s for the parameters 
indicated in Table I. The corresponding analytical prediction of the stress history is plotted 
against the experimental results in Figure 12, where the agreement between them with respect to 
the magnitude and time seems to be reasonable. 

Furthermore, the penetration predicted from the ultimate value of d ,  was 12mm while 
experimentally it was observed to be 7 mm. 

Figures 12 and 8 show the eventual introduction of tension at the bottom of the weight mainly 
due to the suction created by pore water. Although the current analytical technique can predict 
tensile stresses, due to its inability to incorporate the pore pressure behaviour and tensile soil 

0 1 o ~ s o a w  
Mmbudmllmh 

Figure 10. Variation of penetration with element thickness 

1 1.5 2 2.5 3 3.5 4 
l’EE3 I l:: m d  ZOn 2 d Z m  1 nd 

Figure 11. Variation of penetration with the ratio of zone 2 to zone 1 radii 
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Figure 12. Comparison of measured and predicted stress pulses 

Figure 13. Comparison of the accelerometer and converted stress cell readings 

properties, the predicted stress pulse was truncated after the compression wave. It is apparent that 
a major portion of the penetration descrepancy could be attributed to the rebound of soil during 
the tension stress pulse. 

The authors further verified the accuracy of the measured stresses by comparing the accelero- 
meter reading with the converted average stress cell readings according to the following equation, 
for another trial impact in the same experimental set-up. 

where 
A = base area of the drop weight, 
a = acceleration, 
m = mass of drop weight, 
uaVp = average of stress cell readings. 

Figure 13 shows excellent agreement between the accelerometer and converted stress cell readings 
verifying the accuracy of the above measurements. 
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6. GUIDELINES FOR USE OF THE MODEL 

Reliability of any analytical model depends upon appropriate mathematical idealization of 
a given engineering problem and accurate determination of the model parameters. Estimation of 
the zone of influence, element thickness and the radius of the inner zone are the main tasks in the 
idealization phase of this specific problem. On the other hand, the parameters needed for this 
specific model are those associated with the constitutive relationship. As previously mentioned, 
the J( Wh) criterion can be used to estimate the zone of influence while the thickness of individual 
elements should be decided after a sensitivity analysis using different trial element thicknesses. 
The outer radius of the non-linear shear zone (zone 1) is usually considered as a multiple of the 
inner soil column radius and should be based on past experience of the extent of deformation 
around the hammer. Moreover, in the case of a rectangular or a square hammer, the use of an 
equivalent radius is advocated. 

The parameters needed for the constitutive relationship include initial constrained modulus 
(Mo) ,  asymptotic strain (c0)  and the material dependent constant (q). The constrained modulus 
(M) and the shear modulus (G) are related to the Young’s modulus (E) and the Poisson’s ratio (v) 
by the following expressions: 

E(l - V )  M =  
(1  - 2v)(l + v) 

M(1 - 2v) 
2(1 - v) 

G =  

Phillips and Baladi” and Nelson13 suggested that, for loose granular soil, q takes values between 
0.80 and 0.90 while c0 is between 0.40 and 0.50 for ideal one-dimensional dynamic compression. 
On the other hand, in loose soils like peat, the authors observed that c0 goes up to 1.25 and q takes 
the value of 0.06 under simulated dynamic compaction. Thus, especially for soft soils, it is 
advisable to find the parameters using laboratory tests where soils are subjected to similar 
conditions as that of dynamic compaction. The yield point (ob) in the stress-strain curve can be 
found from the standard bearing capacity equations. 

CONCLUSIONS 

The stress history of impact loading of soft soils has been studied using analytical and experi- 
mental techniques. When the falling weight was instrumented with pressure transducers and an 
accelerometer, two distinct stress peaks were consistently observed during the dynamic compac- 
tion of soft materials like organic soils. Furthermore, as one would anticipate, these impact 
produce relatively large strains during dynamic compaction leading to permanent deformations. 

The above observations cannot be explained by any of the currently available analytical 
models for impact loading since they incorporate linear stiffness and damping properties. In the 
improved methodology advanced in this work, the stiffness and damping properties of the entire 
impact vicinity are modelled using spring and dashpot elements which appropriately represent 
the deformation modes of the individual zones. Moreover, the different degrees of deformation of 
the distinct zones are also considered in the model by utilizing nonlinear stiffness properties 
whereever necessary. On the other hand, when the impact is relatively mild, the non-linear zone 
becomes insignificant, thus appropriately reducing the model to currently available linear models. 

Finally, it was displayed that the current technique posseses the capability of predicting the 
entire surface stress history including the two distinct peak stresses to a reasonable accuracy. In 
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addition, its ability to predict the approximate permanent penetration is indeed another advant- 
age of the model. 

APPENDIX 

A . I .  Derivation of the stiffness expression' of zone 2 

The following stress-strain relationship is used for zone 2 

Y/Yr  = B/(1 - B) 
B = T I T I  

T~ = shear stress at the soil column interface, 
T /  = ultimate shear strength, 
G, = initial tangent shear modulus, 
T = shear stress at radius r from the centre of the impact area. 
By assuming plane strain conditions, the displacement at soil column surface ( w o )  is obtained 

by direct integration of the angular distortion from the radius of the zone 1 (ro to the radius of the 
zone 2 r,). 

wo = lr: ydr 

dr 
1 1  

wo = I' - 
0 - - -  

BYr Yr 

But for the equilibrium of zone 2 

21rroro dx = 2nrr dx 

By substituting the above condition and simplifying 

f'l dr 

Then by integrating and simplifying the above equation, it can be proved that k, = .ro/w0 

2nG. 
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ABSTRACT 

Knowledge of the pore pressure behavior during dynamic impacts on moder- 
ately low permeability soils is essential in averting possible liquefaction and 
efective field implementation of dynamic consolidation. Although field obser- 
vations of dynamically induced pore pressures are abundant in the literature, 
analytical or numerical approaches for pore pressure prediction are scarce. 
Herein, the authors advance a simple technique to analytically model the 
laboratory dynamic consolidation by modtfying the classical Terzaghi’s static 
consolidation theory. Since the analytical prediction of dynamic surface stress 
and experimental verification are performed in a companion paper, the surface 
stress due to a dynamic impact is assumed to be known in this work. Then, the 
time dependent stress pulse is de-synthesized into a number of constant load 
steps to predict the subsequent pore pressure behavior. Since this methodology 
accounts for even the dynamic stress attenuation within the soil sample, a 
rigorous closedform solution has to be replaced by a numerical solution. It is 
shown how this solution rapidly converges when the load steps are made sufji- 
ciently small. Finally, the analytical predictions of dynamic pore pressure are 
vert$ed by well controlled laboratory experiments performed on a special 
apparatus set up at the University of South Florida. 

INTRODUCTION 

Since its first introduction by Menard, dynamic consolidation has been suc- 
cessfully applied in stabilizing soils with poor drainage and consolidation 
properties. In spite of the extensive field application, analytical or numerical 

tFormerly District Geotechnical Engineer, Florida Department of Transportation, Bartow, FL. 
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methods to predict the rate of pore pressure dissipation are scarce in the 
literature. One reason for this may be the inability to adequately address the 
dynamically induced stress problem in its entirety. 

In a companion paper [l], the authors describe their analytical model to 
predict the dynamic surface stresses observed in laboratory dynamic 
consolidation. Therefore, in the work presented here, the investigation is 
extended to explore the pore pressure behavior due to such dynamic impacts 
on relatively impervious soil. The authors also experimentally show that the 
dynamic stress attenuation with depth is in close agreement with the static 
elastic stress distribution. Due to the analytical complexity involved in pre- 
dictions at off-centerline positions, the current investigation is limited to the 
locations on the load centerline where the most severe condition of pore 
pressure is registered on any horizontal plane. It is also theoretically shown 
that drainage can be expected to be vertical under the centerline of the 
impact especially close to the impact region. Hence, a modified version of 
Terzaghi’s 1-D consolidation equation is utilized to predict the induced pore 
pressure behavior based on a load step method. 

It is also shown how the numerical solution can be made to rapidly con- 
verge by considering sufficiently small load steps. Finally, the numerical 
predictions are compared to the results of an experimental setup developed 
at the University of South Florida. 

DYNAMIC SURFACE STRESS 

Several researchers have attempted to analytically examine the surface 
stresses induced during dynamic compaction. Scott and Pierce’s [2] approach 
using basic stiffness and damping properties of the soil and Mayne and 
Jones’ [3] technique based on the deceleration of the hammer during pene- 
tration are some of them. The former researchers predict a dynamic stress 
pulse producing a significant initial stress value due to the instantaneous 
damping. However, early experimental observations within the soil mass 
have revealed no such initial instantaneous stress value [2,3]. On the other 
hand, Mayne and Jones [2] introduced an analytical approach which com- 
plies with the experimental observation of a zero initial stress. 

One drawback of the latter approach is that it does not model the con- 
tinued but less severe stress pulses observed in more recent laboratory studies 
conducted by the authors utilizing stress cells placed at different locations in 
the sample. Moreover, the authors’ tests indicate very high initial instanta- 
neous stresses close to the surface especially under saturated conditions. In 
the companion paper [l], the authors address the shortcomings of the afore- 
mentioned theories by advancing a new analytical approach that can explain 
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the observed dynamic stress history and the vibration behavior of the soil 
upon dynamic impact, addressing the shortcomings of the aforementioned 
theories. Hence, in this paper, the discussion is limited to the pore pressure 
predictions using the dynamic stresses observed in the authors’ experiments 
(Fig. 1). 

DISTRIBUTION OF STRESSES BELOW THE IMPACT SURFACE 

During their experimental program, the authors conducted a series of 
experiments to investigate the dynamic stress attenuation. Both the vertical 
and horizontal stress distributions below the impact center were seen to be in 
agreement with the elastic theory. Figure 2 exhibits a comparison of stress 
distributions from the authors’ results and other experimental evidence, with 
the elastic theory. 

Thus, if Aao is the contact dynamic stress developed under a falling weight 
of radius ro, then the vertical stress at any depth z vertically below the center 
of the weight can be expressed using elastic theory as: 

1 
’ - ,1 + (ro/z)2~3’2 1 (1) 

20 

-5 I I I I I 
0.42 0.44 0.46 0.46 0.5 0.52 

Time (set) 

Fig. 1. Impact stress measured at a depth of three (3) inches. 
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D Experimental data from this study, impact tests on peat 

-Theoretical distribution from elastic theory 

A Experimental data from impact tests on sand. from Wetzel and Vey 

0 Experimental data from tests on clay. rapid load, from Brown and Pell 

0 2 4 6 8 

Non-dimensional depth (z/ro) 

Fig. 2. Comparison of dynamic vertical stress distribution with elastic predictions. 

DRAINAGE CONDITIONS 

On impact, the pore pressure will increase instantaneously under the 
hammer inducing drainage in the radial and vertical directions. However, if a 
water particle is considered at any depth beneath the center of the weight, 
under isotropic soil conditions, clearly it cannot acquire a velocity in any 
preferential radial direction due to symmetry. Hence, the pore pressure var- 
iation contributing to the response of a transducer placed at any location 
under the centerline of the impact is theoretically a result of the vertical 
drainage only. This is especially the case when the observation point is loca- 
ted in the vicinity of the surface. This fact can be mathematically illustrated 
as follows. 

Consider the volumetric changes induced by the drainage conditions due 
to a centerline radial velocity of v and a vertical velocity of u as shown in 
Fig. 3. If the net flow out of the element having a radius of dr is equated to 
the volume reduction in the element, one would obtain the following 
expression: 

7r(dr)2 gdz+u-u 1 +27r(dr)(dz) v+$dr =- [ 1 &$ [n(dr)2dz] 
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4 u+- 3 
Fig. 3. Consolidation of a small cylindrical element. 

which when simplified produces 

gdr+2v+2gdr=--- ’ dedr 
l-eat 

It is seen that as the radius dr becomes smaller, the centerline radial velo- 
city v approaches zero. 

The above conclusion can be further verified by theoretically illustrating 
that there is no radial pore pressure gradient on the centerline. As it will be 
shown later [eqn (13)], the instantaneous pore pressure generated at any 
depth z (u,) is proportional to the total vertical stress induced at that depth 
(Aa,). On the other hand, the authors extended their dynamic stress mon- 
itering program to obtain the radial distribution of Aa, as well, as shown in 
Fig. 4. Hence, the radial distribution of pore pressure (u,) will also be a 
similar distribution. It is obvious from Fig. 4 that: 

a (A4 
[ 1 ar =o 

r=O 

thus it follows that: 

L-1 au, o 

ar r=O= 

which supports the assumption of no radial drainage conditions on the cen- 
terline. Furthermore, since the radial pore pressure gradient increases only 
gradually as r increases (Fig. 4), it is also reasonable to assume that the 
radial flow is insignificant even in the immediate neighborhood of the cen- 
terline. Accordingly, in the testing program, the authors utilized a very fine 
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Fig. 4. Vertical stress variation with lateral (r) position. 

pore pressure probe with a negligible diameter compared to the base width of 
the drop weight, to monitor the pore pressure at the centerline. 

As for the boundary conditions, a free draining boundary is assumed at 
the top of the compacting soil layer while the bottom of the soil layer or the 
transducer soil interface is assumed to be perfectly impervious. 

PORE PRESSURE MODEL 

Under 1-D drainage conditions, the pore pressure dissipation in a satu- 
rated medium at any depth z due to a constant load can be analyzed starting 
from the following initial step of Terzaghi’s formulation [4]: 

a, ad k a2u __ --- 
(1 +e) at YW a.Z2 

(2) 

where a,, k and e are the compressibility of the soil skeleton, the hydraulic 
conductivity and the void ratio of the soil, respectively. 

If the water compressibility is assumed to be C,, unlike in Terzaghi’s for- 
mulation where it is neglected, the water pressure and the total stress can be 
introduced to the above equation as: 

e c au= k a2u _- 
l+e “at “IW az2 
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The above expression can be simplified to 

du eC, 
at l+- ( > a2u 

a, 
-g+-$ (4) 

which is a general 1-D consolidation equation, applicable for static as well as 
dynamic loading, and C, is the coefficient of consolidation of the soil. Under 
a static total stress (no variation of total stress with time) and negligible 
water compressibility, eqn (4) simplifies to the classical Terzaghi’s 1-D con- 
solidation equation which expresses solely the dissipation behavior of pore 
pressure with no generation. 

&=--d2u 
at VdZ2 

On the other hand, for undrained loading or unloading conditions which 
can be simulated by setting the hydraulic conductivity k or C, to zero, eqn 
(4) reduces to: 

which can be rearranged in the more common form as 

du.-gba 
at at (6) 

where B is the Skempton’s pore pressure parameter relevant to isotropic 
stress increments as expressed below. 

B = (1 + eLw/av) 

In fact, it can be shown using the generalized Hooke’s law that the stress 
condition is isotropic for 1-D undrained loading which induces zero strains 
in all directions. It is noted that eqn (6) is applicable to generation of pore 
pressure without any dissipation. 

By blending B with C,, eqn (4) can be rewritten as: 

(8) 

From the above discussion, it is obvious that eqn (8) encompasses both 
pore pressure generation and dissipation components during dynamic loading. 
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Fig. 5. Approximation of dynamic loading with constant stress increments. 

This can be further illustrated by applying eqn (8) during a time interval At 
to depict the individual magnitudes of the pore pressure components at any 
depth z as: 

The above concept is utilized in the ensuing formulation to isolate the 
generation and dissipation components of pore pressure during sufficiently 
small time intervals (Fig. 5). In summary, the pore pressure generation is 
treated as a boundary condition by utilizing eqn (6) and the dissipation 
during the same time is expressed by Terzaghi’s expression in eqn (5). 

SOLUTION OF PORE PRESSURE EQUATION 

Since the vertical stress has been experimentally verified to be distributed 
according to elastic theory, the classical Terzaghi solution which is valid for 
uniform or linear vertical stress distributions has to be replaced by a fresh 
solution. A solution of the following general form is possible for eqn (5). 

u = (PcosAz + QsinAz)eD’ 

By substitution in eqn (5) one finds that, 

D = -A*C, 

(10) 
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Hence eqn (10) can be modified to, 

u = (PcosAz + QsinAz)e-AZcv’ (11) 

At this stage, the previously discussed spatial boundary conditions can be 
utilized as follows: 
Free draining surface at the top 

u=O at z= 0 for t > Of 

Rigid boundary at the bottom 

dU 
%=O at z=H 

to find expressions for P and A as: 

and 

where n is any integer. 

u ZJ = 

where 

P=O 

A = (2n - l)& 

This modifies the solution in eqn (11) to 

2 Q,sin[(zn _ 1) &z]ep~(2Hp1b/212r. 

n=l 
(12) 

If the soil medium is saturated, the initial pore pressure U, at any point 
below the impact center due to a total stress increase Au, can be expressed 
using eqn (6) as: 

uZ = B. Aa, (13) 

Substituting from eqn (1) in the above equation, a third boundary condi- 
tion for t = 0 can be written as: 

1 
’ - ,l + (ro/z)2]3/2 

I 

(14) 
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At t = O+, eqn (12) becomes 

u,,o = 2 Qn sin[(2n - 1) 2Gz] 
n=l 

(15) 

By comparing eqns (14) and (15), Qn can be found using the Fourier half- 
range expansion as: 

H 

Qn = g J uzo sin[(2n - 1) E]dz 

0 

(16) 

In order to extend the above concepts to the dynamic stress increment 
shown in Fig. 1, the latter was considered as being composed of a series of 
equal positive stress increments i (i = 1, ml) of magnitude Au0 (or Qmax/ml) 
imposed at time ti followed by a similar series of negative stress increments i 
(i = ml + 1, m2) of the same magnitude (Fig. 5). It is realized that this 
approximation should yield the exact dynamic solution at the limit where the 
stress increment, AgO, approaches zero. However, one limitation of this 
approach is that it does not account for the time lag between the actual 
impact and the arrival of the consequent stress wave at the considered depth 
z, as stress and pore pressure increments at that depth [eqn (14)] are con- 
sidered to be static. 

According to eqns (12), (14) and (16), the pore pressure variation in space 
and time due to the first total stress increment Aao imposed at the time tl, 

can be expressed as, 

Nz Nz _CvN’ 
u z,t = ~ k(z)sin - dz 1 sin -e F(‘_‘l) 

H H (17) 

where 

k(z) = 
[ 

1 
’ - l1 + (ro/z)2~3/2 1 

and 

N = (2n - 1)7r/2 

Therefore, the pore pressure distribution at a subsequent time t due to all of 
the increments up to tml can be expressed as 
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Nz 
U z,t = ~ k(z)sin-dz sin- 

H 1 Nz m’ 
c 

&&t-t/) 

H i=l 
(18) 

Similarly, the pore pressure distribution at any time t due to a load removal 
of equal magnitude at a time $ ( > tml + 1) will be: 

1 Nz -5&lil 
sin - e 

H (19) 

where C,* represents the coefficient of swelling (reverse consolidation) and 
B* is the isotropic pore pressure parameter [eqn (7)] relevant to unloading. 
From the basic definition of the coefficient of consolidation, it can be shown 
that 

where 

a; = coefficient of recompression 
a, = coefficient of compression 

and thus r is a factor representing the ratio of the soil compressibihties (a,) 
under unloading and loading. 

Since eqn (7) exhibits that a difference in a, values in loading and 
unloading should reflect a corresponding difference in the B parameter as 
well, another factor R can be defined to account for the difference in the pore 
pressure parameter during loading and unloading as 

Finally, the pore pressure variation for the combination of the loading and 
unloading sequence (Fig. 5) is determined by the following equation: 

‘(‘7 t> = k(z)sin C!$I & 1 sin g 2 e-+(f-ti) (20) 
1=l 

under conditions stated below: 
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Positive stress increase 

If i < ml, then R=l, r=l 

Negative stress increase 

If i>ml, then Aao = -Aaa 

A computer program was written to execute eqn (20) and determine the 
variation of pore pressure with time due to a single impact. In order to 
illustrate that the numerical solution rapidly converges to what can be 
assumed to be the exact dynamic solution when Aa approaches zero, a 
hypothetical pore pressure distribution due to the stress history in Fig. 1 is 
predicted and plotted for different magnitudes of stress increments 
(Aaa = 2.11, 4.23 and 8.46) in Fig. 6. 

The following data have been used in the example: 

Coefficient of consolidation = 0.002 in.2/s 
Depth of soil sample = 3 in. 
Base diameter of weight = 3.4 in. 
R = 0.95 
r = 1.3 
B = 0.95 

Moreover, the authors utilized the above computer program to perform a 
parametric study of the impact of C, on the dissipation of pore pressure 

15 

10 

- Stress Cell Reading 

A 6.46 psi increment 

4 4,23 psi increment 

l 2.11 psi increment 

0 

-51 I I I I 

0.42 0.44 0.46 0.48 0.5 0.52 

Time (set) 

Fig. 6. Convergence of numerical solution with small stress increments. 
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during the short impulse stress duration. From the results, it was concluded 
that the need for “coupled analysis” [eqn (9)] clearly depends on the magni- 
tude of the coefficient of consolidation, C, and hence indirectly on the 
hydraulic conductivity, k. As one would expect, the authors also found that 
C, values corresponding to coarse grained soils do not allow significant pore 
pressure generation, whereas C, values that represent clayey soils typically 
exhibit undrained behavior during impact loading. Hence, consideration of 
pore pressure dissipation during the impact stress is unnecessary for the 
above soil types. However, the numerical values revealed that modeling of 
dissipation is essential for moderately pervious soils (with approximately 
10v2 > C, > lop4 in.2/s). 

As illustrated in the following section on experimental verification, C, 
value for the organic soil tested in this research was approximately 0.002 in.*/s. 
This value yields an equivalent hydraulic conductivity of 10m5 cm/s from the 
following basic relationship: 

c 
” 

= w + 4 
ww 

The coefficient of compressibility (a,) and void ratio (e) values were obtained 
from the authors’ previous work on this organic soil [5]. Although the above 
k value indicates a “moderately” low permeability, it does not fall in the 
range of much more impervious clayey soils (k < 1 0e6- 1 O-’ cm/s) which are 
known to exhibit typical undrained behavior. Classification tests on the tes- 
ted organic soil also supported the above determination, since it was found 
to consist of a course grained mineral fraction mixed with .5&80% mostly 
amorphous organic matter. Even experimentally, all of the monitored 
impacts on this organic soil revealed partially drained behavior under impact 
loading. Hence, it can be concluded from the computational and experi- 
mental results that the assumption of “undrained” behavior is too idealistic 
for moderately low permeability soils. 

EXPERIMENTAL VERIFICATION 

The experimental set-up shown in Fig. 7 was used to simulate dynamic 
consolidation in the laboratory. A 5 lb weight having a 3 in. square base was 
held by an electro-magnet the height of which was adjustable along the 
length of a support. A switching relay was used to simultaneously release the 
weight from the electro-magnet and initiate a computerized data acquisition 
system. The impact stress history was registered by means of a stress cell 
attached to the base of the drop weight. 
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Drop Weight 

Soil Container 

Fig. 7. Dynamic impact apparatus. 

The soil sample was prepared in a one cubic foot container. The container 
(Fig. 7) was placed below the weight so that the weight would impact the soil 
directly above the pore pressure transducer. Before performing each test, the 
position of the container was clearly marked on the ground to achieve this 
condition. Then, the box was filled with an organic soil having a relatively 
low hydraulic conductivity up to the required height and compacted using a 
vibratory process which also insured higher saturation. After the pore pres- 
sure transducer connections were saturated with water, the surface stress and 
the pore pressure variation at the bottom of the sample were monitored by 
the data acquisition system. 

The most commonly used values for A and B parameters in organic soils 
are 0.65 and 1 .O, respectively [6]. The authors verified the above values using 
conventional triaxial testing. The stress cell reading indicating the dynamic 
surface stress and the pore pressure variation at the bottom plate initially 
placed one (1 .O) inch below the impact is plotted in Fig. 8. The final clearance 
between the weight and the bottom plate after the impact induced penetra- 
tion was 0.69 in. as indicated. The corresponding pore pressure variation 
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Fig. 8. Comparison of predicted and measured pore pressure variation. 

predicted from the stress cell reading using the authors’ theoretical formula- 
tion is also depicted in Fig. 8 for comparison. An initial depth of 1 in. was 
selected to obtain a significant pore pressure response in the transducer and 
to ensure that the centerline drainage is mostly vertical as stipulated in the 
analysis. The average C, value of the organic soil was determined from 
separate laboratory consolidation tests to be approximately 0.002 in.*/s using 
the Casagrande’s fitting method. 

The slight deviation of the predictions from the measurement can be 
attributed to two main reasons. A number of consolidation tests performed 
on the same organic material yielded a range of C, values indicating the 
sensitivity of this parameter to sample preparation, natural texture and the 
stress level. Thus, the average C, value used in the prediction may not have 
accurately represented that of the sample tested. Secondly, the measurement 
depth varied from an initial value of 1 in. to a final value of 0.69 in. thereby 
introducing some uncertainty in the actual depth to be used in eqn (1). The 
authors chose to use an average depth of 0.85 in. for this prediction. 

CONCLUSIONS 

A procedure was developed to predict the variation of pore pressure 
directly beneath the impact location during laboratory dynamic consolidation, 
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using a known dynamic contact stress. The technique was based on sub- 
stituting a step-wise varying function for the dynamic stress history. When 
the stress steps are made sufficiently small, the numerical solution is shown 
to converge rapidly. An important feature of this formulation is that it can 
accommodate the possible differences in the soil compressibility under load- 
ing and unloading conditions. Furthermore, the vertical distribution of 
dynamic stress within an organic soil is experimentally shown to follow the 
predictions of the elastic theory thus confirming the same conclusion reached 
by previous researchers for other soil types. 

As anticipated, a computational parametric study resulting from the 
developed numerical model clearly exhibited that the time variation of 
induced pore pressure is predominantly dependent on the coefficient of con- 
solidation or the hydraulic conductivity of the treated soil. Within the short 
duration of the impact load, free draining soils with relatively high C, values 
show no significant pore pressure development while impervious soils with 
much lower C, values behave in an undrained fashion. Thus, the presented 
theoretical model is useful for moderately impervious soils such as this 
amorphous organic soil which induce partial drainage under dynamic loading. 
The authors also found other published research on field dynamic con- 
solidation [7] in which the in situ soil types have been distinctly characterized 
as pervious, semi-pervious and impervious, depending on the monitored pore 
pressure behavior. 

Finally, the authors demonstrated that the laboratory pore pressure mea- 
surements reasonably corroborate the analytical procedure in terms of the 
pore pressure magnitude and the dissipation time. Hence, it is concluded that 
the pore-pressure model presented in this paper is adequate to predict the 
dynamic pore pressure behavior of semi-pervious (moderately low perme- 
ability) soils. 
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